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Abstract 

The Port of Durban is forecasted to reach its capacity in terms of container handling soon, 
which necessitates the investigation of an alternative port in the vicinity. The old Durban 
Airport site has been identified as a potential location to develop a new deep water 
container harbour. This is driven by a demand for deep water berth capacity as a result of 
shipping liners preferring the benefits of scale in their operations, leading to the use of 
larger ships with deeper drafts. To protect the new port from wave energy penetrating 
inside the basin as well as from sedimentation from the adjacent beaches, the design and 
construction of breakwaters are required.  

The proposed main breakwater for this dig-out port is expected to extend 1 200m into 
the sea, up to depths of 30m at the seaward roundhead. The deeper parts of the 
breakwater face wave onslaught in a different manner than a conventional breakwater in 
shallower waters. At these larger depths, the breakwater has to dissipate the energy of 
non-breaking waves. 

In this thesis, the wave climate nearshore, adjacent to the proposed breakwater is studied 
and extreme wave events are simulated with a SWAN numerical model. The results for a 
range of wave conditions, corresponding to selected events up to a return period of one in 
100 years, are presented.  

A study of deep water breakwaters was undertaken to investigate other examples of 
similar structures. This indicated a clear distinction between vertical wall type 
breakwaters and the more traditional rubble-mound type breakwaters. For this thesis, a 
rubble-mound breakwater was chosen as the breakwater type for testing under 
conditions of the Durban Dig-Out Port (DDOP). Focussing on a deep water trunk section 
of the proposed main breakwater, a concept cross-section was designed using 
deterministic design methods. The formulae incorporated in this method did however not 
take into account the packing density of the armour layer and only assumed the 
recommended values. 

The hypothesis is thus put forward that the breakwater will still be hydraulically stable 
for packing densities below the recommended values. This would decrease material 
consumption and save on cost over the entire breakwater. A physical model was designed 
to experiment with different armour layer configurations of single- and double layer 
Cubipod arrangements. The unit was chosen for its massive shape and structural integrity 
even during impact. 

A physical model study was performed at the facilities of the CSIR in Stellenbosch. It 
entailed setting up a fixed-bed two-dimensional physical model in a glass wave flume. 
Measuring wave heights, wave reflection, overtopping, wave transmission and armour 
damage, the hydraulic stability and operational performance were analysed for several 
tests. Based on the results of the first few test series, alterations were made to the 
breakwater geometry and armouring. 

The results confirmed the hypothesis that lower packing densities were still hydraulically 
stable under 1 in 100 year return period wave conditions without inhibiting operational 
performance. A final cross-section is presented as concept design for the deep section of 
the proposed DDOP main breakwater. 
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Opsomming 

Volgens vooruitsigte gaan Durban hawe binnekort sy kapasiteit bereik wat die hantering 
van skeepshouers betref. Hierdie verwikkeling noodsaak die ondersoek na ‘n 
alternatiewe hawe in die nabye omgewing. Die voormalige Durban lughawe is intussen 
geïdentifiseer as ‘n potensiële perseel waar ‘n diep water houervrag hawe ontwikkel kan 
word. Dit word gedryf deur die aanvraag na diep water kaai kapasiteit as gevolg van skip 
operateurs wat skaalvoordele verkies, sodat groter skepe met diep rompe meer populêr 
word. Die ontwerp en konstruksie van breekwaters word dus benodig, om te verhoed dat 
beide golwe, sowel as sediment van aangrensende strande, die hawe binnedring. 

Die voorgestelde hoof breekwater vir hierdie hawe sal na verwagting tot 1200m in die 
see in strek, waar dit tot 30m diep is naby die seewaartse hoof van dié breekwater. Die 
dieper gedeeltes van só ‘n breekwater sal blootgestel word aan ‘n ander soort golf aanslag 
as ‘n soortgelyke konvensionele breekwater in vlakker water. In hierdie waterdiepte is 
die breekwater verantwoordelik vir die energie verbreking van ongebreekte golwe. 

In hierdie tesis word die golfklimaat langs die kus, naby aan die voorgestelde breekwater 
bestudeer. Die uiterste golf gebeurtenisse word gesimuleer met ‘n SWAN numeriese 
model. Die resultate van ‘n reeks golf kondisies, ooreenstemmend met bepaalde 
gebeurtenisse met herhaal periodes van tot 100 jaar, word aangebied. 

‘n Studie van diep water breekwaters is onderneem om voorbeelde van soortgelyke 
strukture te ondersoek. Die studie toon ‘n definitiewe onderskeid tussen vertikale muur 
breekwaters en die meer tradisionele “rubble-mound” breekwater tipes. Vir hierdie tesis 
is die “rubble-mound” breekwater tipe gekies vir toetsing, onderhewig aan die kondisies 
van die “Durban Dig-Out Port” (DDOP). ‘n Konsep deursnit is ontwerp vir ‘n diep water 
romp gedeelte van die voorgestelde hoof breekwater, deur van deterministiese metodes 
gebruik te maak. Die formules soos vervat in hierdie proses maak egter nie voorsiening 
vir die pakdigtheid van die bewapeningslaag nie, maar aanvaar slegs die voorgestelde 
waardes. 

Die hipotese word dus aangevoer dat die breekwater steeds hidrolies stabiel sal wees vir 
pakdigthede wat laer as die voorgestelde waardes is. Dit sal die verbruik van materiale 
verlaag en lei tot koste besparings vir die breekwater. ‘n Fisiese model is ontwerp om te 
eksperimenteer met verskillende opstellings van die bewapeningslaag. Dit sluit enkel- en 
dubbel laag bewapening met Cubipod eenhede in. Hierdie eenheid is gekies vir sy 
massiewe vorm en strukturele integriteit, selfs tydens impak. 

‘n Fisiese model studie is uitgevoer by die fasiliteite van die WNNR in Stellenbosch. Dit 
het die opstel van ‘n vaste-bodem, twee-dimensionele fisiese model in ‘n glas golftenk 
(“wave flume”) behels. Hidroliese stabiliteit en operasionele werksverrigting is 
geanaliseer deur golf hoogtes, -weerkaatsing, -oorslag, -deurlating, en skade aan die 
bewapening te meet vir verskeie toetse. Gebasseer op die resultate van die eerste paar 
toetsreekse, is veranderinge gemaak aan die breekwater se geometrie en bewapening. 

Die resultate het die hipotese bevestig dat laer pakdigthede steeds hidrolies stabiel is 
tydens golf kondisies met ‘n 1 in 100 jaar herhaal periode, sonder om die werksverrigting 
van die breekwater te belemmer. ‘n Finale deursnit word voorgestel as ‘n konsepontwerp 
vir die diep water deursnit van die DDOP se hoof breekwater. 
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Chapter 1: INTRODUCTION 

Breakwaters have been shielding our harbours and their fleets from waves for centuries. With 
the ever increasing demands for modern harbours, marine engineers are tasked to design 
increasingly sizable breakwaters that can accommodate bigger ships and more extreme 
weather conditions. Furthermore, these projects have to accomplish these feats in an 
economically feasible manner. The Durban Dig-out Port, with its main breakwater situated in 
deep water and exposed to severe wave conditions is no exception. It will be the deepest 
breakwater in South Africa. This creates interesting challenges for the design of such a 
breakwater, as will be described in this chapter. 

1.1 BACKGROUND 

1.1.1 DURBAN DIG-OUT PORT 
The Port of Durban is an established major port within South Africa as well as the greater African 
continent. Forecasted future demand predicts the current handling capacity of this port to be 
insufficient to secure the national economic objectives. Therefore, new deep water ship handling 
facilities are required in Durban for South Africa to retain its status as the primary shipping gateway 
into Southern Africa.  The development of the old Durban airport site has been investigated in detail 
by Transnet and its consultants, and pre-feasibility studies have considered spatial layouts and 
designs for the site, which resulted in “The Durban Dig-Out Port (DDOP)” project as shown in Figure 
1.1. (Transnet, 2013) 

1.1.2 DEEP WATER BREAKWATER 
In terms of the breakwater, a major requirement of the port is for the vessels, navigating through 
the port’s approach channels, to have adequate protection against incident waves, swell, and 
currents. It should provide stable water conditions within the port to allow safe working conditions 
at berth, and it should also prevent sedimentation from entering the harbour from the adjacent 

Figure 1.1 - Artist impression of proposed Durban Dig-Out Port (Infrastructure 
News, 2012) 
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beaches. Consequently, the design and construction of suitable breakwaters at the port is an integral 
component of the project’s engineering works. The preferred layout (shown in Figure 1.2) shows the 
proposed southern breakwater, which extends into depths of up to 30m near the roundhead. A 
deep water section of this proposed breakwater is investigated in this study to overcome the 
challenges associated with deep water and non-breaking design waves. 

1.1.3 FEASIBLE BREAKWATER 
A deep water breakwater is associated with significant costs due to its size, and as such, the slightest 
over-design could result in considerable expenditure. The challenge lies in designing a structure with 
the least amount of material and at minimal cost, without compromising risk, quality or 
performance. As this would be the deepest breakwater in South Africa, constructability and the 
capabilities of local contractors have to be factored into the feasibility considerations. The deepest 
part of the breakwater should be able to withstand the most extreme wave conditions it could 
encounter within its design life, without failure, yet it should be limited to economic constraints. 

1.2 OBJECTIVE 
The objective of this study is to provide a feasible, cross-sectional design concept for the main deep 
water breakwater of the proposed new Durban Dig-Out Port. 

  

Figure 1.2 - Map of Durban showing proposed new harbour relative to existing Port of Durban (Setaka, 2011) 
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1.3 SCOPE 
The scope of this study encompasses the structural design of a trunk section of the breakwater at 
the proposed new Durban Dig-Out Port in South Africa. The design will focus on the deepest trunk 
section of this breakwater (close to the roundhead, but excluding it) and it aims to overcome the 
limitations that depth and high wave conditions pose. 

1.4 STRATEGY 
To meet the abovementioned objective within the scope of this study, the following strategy was 
proposed: 

i. A review of literature on breakwaters in general, as well as a review of successful and failed 
deep water breakwaters that will provide context to the design problem of this study.  

ii. To establish statistics of the wave climate adjacent to the site, a numerical model will be 
created to simulate an offshore wave condition transmitted towards the nearshore. The 
model will be based on an extreme value analysis of hindcast wave data at an offshore site. 

iii. Findings from literature will be discussed and applied to the conditions of this study, to 
determine a design approach that would include design levels, breakwater type, external 
considerations and general scope of design. When this is established, a cross-sectional 
concept will be produced by deterministic design methods. 

iv. A physical model study will be performed to test the performance of the concept design. 
Scale model tests will be done in a laboratory to measure certain breakwater responses 
during wave loading. 

v. Analysis of the physical model test results will determine the success of the chosen design 
and evaluate certain aspects of it by comparing it to initial design requirements. 

vi. Based on the findings of the physical model study, a concluding feasible cross-section design 
will be proposed. Recommendations will be made for further study or consideration. 
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Chapter 2: LITERATURE STUDY 

The review of literature to follow provides some of the nomenclature of breakwaters and 
marine engineering, while focusing on deep water breakwaters – their successes and failures. 
The aim of the literature study is to gain insight into the design process of deep water 
breakwaters. 

2.1 BREAKWATERS 

2.1.1 FUNCTION 
According to the US Corps of Engineers in the Coastal Engineering Manual (CEM) (Hughes & 
Burcharth, 2006), the term breakwater denotes an artificially constructed shore protection 
structure, which mimics a natural headland breakwater. It is also described as a beach stabilization 
structure, subcategorized into on- and off-shore headland- and nearshore breakwaters. 

These structures aim to resist and absorb the energy of waves. Wave energy is dissipated by the 
structure itself and dispersed by diffraction and refraction shoreward of the breakwater. Thus, they 
are designed with the primary function to create a safe passage for vessels in and out of a harbour, 
preventing waves and swell from entering a harbour basin, and creating a calm harbour basin. A 
secondary function of a breakwater is to prevent the ingress of sediments or littoral drift into a 
harbour, which would otherwise build up in the navigation channels. 

The CEM (Hughes & Burcharth, 2006) presents a mathematical representation (equation 1) of how a 
breakwater deals with incident wave energy. 

 퐸 = 퐸 + 퐸 + 퐸  (1) 
   This equation describes roughly the split of energy as undertaken by a breakwater structure. Thus, in 
general, incident wave energy can be: 

 Dissipated by wave breaking, surface roughness and porous flow 
 Transmitted by wave overtopping and penetration 
 Reflected back into the sea 

2.2 BREAKWATER TYPES 
Breakwaters have been classified in various subcategories. In the following section of this document, 
some of the more commonly occurring gravity-based breakwater types will be discussed. Other non-
gravity (sheet pile walls and floating breakwaters) and submerged breakwater types will not be 
discussed as they lack the structural stability required to deal with the conditions at Durban. 

2.2.1 RUBBLE-MOUND BREAKWATER 
The rubble-mound breakwater is designed to break incoming waves on its slope and dissipate wave 
energy in such a manner that prevents severe overtopping and failure of the structure itself. It 
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consists of a sloping mound made from material ranging from the simplistic (quarried rock) to the 
multi-layered (core material covered with filter- and armour layers). 

A rubble-mound breakwater has a typical cross-section as shown in Figure 2.1 with the concrete 
crest capping being an optional variation, depending on whether an access road is necessary (often 
needed for construction and maintenance purposes). Traditionally, they are constructed using large 
blocks, of either rock or artificial concrete armour unit, placed randomly or packed orderly, over 
suitable underlayers, covering a core mound. In the case of an armoured slope, underlayers of rock 
support the armour layer and separate it from the finer core or foundation materials. These armour 
layers often dissipate a significant proportion of the incident wave energy by wave breaking and 
friction. (Allsop, 2009) 

Armour layer stability can be improved by using concrete armour units of specific shapes. Wave 
transmission is defined by a breakwater’s porosity and can be reduced by a superstructure or 
concrete crest such as a wave wall (Takahashi, 1996).  

2.2.2 BERM BREAKWATER 
Conventional rubble-mound breakwaters (as described in Section 2.2.1) are designed to be as 
statically stable under design wave conditions as possible. Individual units are allowed minimal 
movements and the structure’s profile needs to stay constant throughout its design life. A berm 
breakwater however, has traditionally been allowed to reshape under design wave conditions and 
form a statically or dynamically stable profile (as shown in Figure 2.2). This is then assumed the most 
resistant profile for the given size of stone material. According to the recommendations by PIANC’s 
Working Group 40 (PIANC, 2003), the following categories of berm breakwaters exist: 

Type 1: Non-reshaped, statically stable – Similar to the conditions for a conventional rubble-
mound breakwater, a few stones or units are allowed to move. The profile is identified by the 
presence of a berm (usually close to or just under the still water level) and is constant throughout 
the design life of the structure.  

Type 2: Reshaped, statically stable – The profile is allowed to reshape under design wave 
conditions into a stable shape. 

Figure 2.1 - Idealized cross-section of a rubble-mound breakwater, with crown wall (Allsop, 2009) 
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Type 3: Reshaped, dynamically stable – The profile is also allowed to reshape into a stable 
shape, but the individual stones or units may still move up and down the slope. 

The traditional view of berm breakwaters are 
those described by Type 2 and 3 where the 
profile is allowed to reshape (shown in Figure 
2.2) until it becomes stable (normally an S-
curved shape) – either statically stable or 
dynamically stable. Smaller stone generally 
results in a flatter curve and it requires that 
more material should initially be placed in the 
berm. There is also more stone movement 
along the structure in the case of oblique wave 
attack.  

Although existing breakwaters of these types have performed well in the past, this reshaping process 
may eventually lead to breaking and abrasion of individual stones and high cost maintenance issues. 
Whether to allow reshaping or not, is based on the stone quality produced by the quarry, which 
determines the ability of the stones to withstand impacts leading to breaking and/or abrasions. 
(PIANC, 2003) 

The advantage of a non-reshaping, statically stable berm breakwater (type 1) over the conventional 
rubble-mound breakwater is the decreased requirement for large and heavy armour stone on the 
upper slope. It should therefore be considered as an alternative to a conventional rubble-mound 
breakwater in cases where not enough large armour stone material is available. Berm breakwaters 
can be further categorized into having either a homogeneous or a non-homogeneous berm. The 
latter (often referred to as a multi-layered berm breakwater) has 2 to 3 layers of a relatively heavy 
armour stone grading around SWL (still water level) and on top of the berm, with a smaller grading 
in the underlying layers. (CIRIA, CUR, CETMEF, 2007) 

2.2.3 VERTICAL BREAKWATER 
A vertical breakwater is defined as a structure of rectangular or nearly rectangular cross-section, 
having a vertical or nearly vertical front wall, extending directly from the seabed or built on top of a 
thin bedding layer (ISO/TC 98, 2007). The main difference of a vertical breakwater as opposed to the 
more conventional rubble-mound type, is its mechanism of stability – reflecting waves rather than 
breaking them and absorbing their energy.  

Several kinds of upright sections exist, ranging from block masonry and cellular blocks to caissons, 
which have variations such as sloping tops and perforated walls. The caisson-type, as shown in 
Figure 2.3, is by far the most commonly used in modern breakwaters. (Takahashi, 1996) 

Allsop (2009) suggests that vertical walled structures can be formed by the following: 

 Monolithic concrete, relying on mass for stability 
 In-situ or pre-cast concrete retaining walls with back-fill (caissons) 
 Sheet pile walls, single or double, with back-fill 

Figure 2.2 - Cross-section of a typical berm breakwater 
showing the reshaped S-curve and recession dimension
(Sigurdarson & Van der Meer, 2011) 
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Figure 2.3 - Typical cross-section of a caisson-type breakwater
(Allsop, 2009) 

 Stone or concrete blocks, relying on mass for stability, and on joints, keys, mortar, or ties to 
maintain monolithicity 

The upright section of a vertical wall breakwater is generally placed on a mound foundation. This is 
done mainly to improve stability by 
creating a specifically prepared 
foundation for the weight of the 
upright section, and prevent scouring. 
It could also save on cost and material, 
for the same crest level, by placing a 
shorter upright section on an elevated 
mound. If this mound is significantly 
elevated and of a considerable size, 
the breakwater is sometimes referred 
to as a vertically composite 
breakwater. 

2.2.4 HORIZONTALLY 

COMPOSITE BREAKWATERS 
When a rubble mound is placed in 
front of (on the seaward side) of the 
vertical wall, the breakwater can be 
considered as a horizontally composite 
breakwater (Figure 2.4). The slope of 
this relatively high mound could 
potentially induce an impulsive wave 
pressure due to wave breaking. This 
tripping of wave breakage can reduce 
potentially high shock pressures on 
the vertical wall. To dissipate the wave 
energy and reduce the wave-
generated impulsive force on the 
vertical wall, concrete blocks are 
placed on the mound in front of the 
upright section. The horizontally 
composite breakwater is considered 
an improved version of the vertical 
breakwater, especially when it is 
applied in breaker zones. (Takahashi, 
1996) 

  

Figure 2.4 - Various forms of horizontally composite 
breakwaters (Takahashi, 1996) 
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2.2.5 ALTERED VERTICAL WALL BREAKWATERS 
Vertical breakwaters have been modified in various ways to adapt to certain conditions and to 
customise them for specific objectives. The first of these are vertical breakwaters with a sloped 
superstructure; the concept being that the downward force on the upper slope would increase the 
caisson’s stability (as shown in Figure 2.5 left). These designs have proven very economical in deep 
waters (more than 25m) against rough seas (Takahashi, 1996). 

The trapezoidal caisson breakwater shown in Figure 2.5 (right) is another highly stable structure, as 
it effectively spreads its own weight and decreases eccentric loads on the foundation. This geometric 
alteration does however increase overtopping.  

Caissons have also been modified to include wave absorbers in the form of chambers in the upper 
caisson. Such a breakwater has proven lower coefficients of reflection and more distinguished 
reduction of wave pressure (Nagai & Kakuno, 1976). 

  

Figure 2.5 - Typical cross-section of a sloping top caisson (left) and a trapezoidal caisson (right) (Tanimoto, 
Takahashi, & Kimura, 1987) 
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Figure 2.6 - Map of Japan showing the locations of 
breakwaters mentioned in this study. Altered from (Zeducorp, 
2007) 

2.3 DEEP WATER BREAKWATERS 
In general, a “deep water” structure is susceptible to wave conditions in its expected lifetime, that 
are not limited by wave breaking. In deep water, wave conditions more severe than assumed for the 
design conditions are more probable to occur (Jensen, 1984). Deep water conditions correspond to 
Rayleigh distributed wave heights at the structure, i.e. depth-induced wave breaking does not take 
place (Hughes & Burcharth, 2006). The abovementioned definitions according to Jensen and the 
CEM will be used for the purposes of this study. 

The following section will discuss some examples of breakwater designs across the world (some of 
which are located as shown in Figure 2.6 and Figure 2.7) in conditions similar to those of this study, 
i.e. deep water and relatively high energy waves. 

  

Figure 2.7 - Map showing locations of Spanish 
breakwaters mentioned in this study. Altered 
from (Furian, 2000) 
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Figure 2.10 - Deep water breakwater at Kamaishi Port (Goda & Tanimoto, 1991) 

2.3.1 KAMAISHI PORT, JAPAN - TSUNAMI BREAKWATER 
At the time of completion, this tsunami 
breakwater (Figure 2.8) was the deepest 
breakwater in the world with its maximum 
depth at 63m (Figure 2.9). Construction started 
in 1978 and was only completed in March of 
2009 – a staggering 31 years later. It 
incorporates trapezoidal shaped caissons, 
31.5m in height and weighing 36 000 tons. 
Their shape is intended to decrease the 
eccentric loads on the flat-sloped rubble-
mound foundation, which ranges from -60 to -
25m, as shown in Figure 2.10. The upper part 
of the caisson, with a crest height of +6.0m, 
has a “wave-dissipating structure”, which 
consists of double horizontal slit walls 
(Takahashi, 1996). Situated 113kms from the 
epicentre of the 9.0 magnitude earthquake 
that took place on March 11, 2011 on the 

northern east coast of Japan, this breakwater was subsequently destroyed by the resulting tsunami. 
The breakwater failure is discussed in more detail in section 2.4.2 of this document. 

  

Figure 2.8 - Plan of Kamaishi Bay (Goda & Tanimoto, 
1991) 

Figure 2.9 - Longitudinal section of Kamaishi Port tsunami breakwater (Goda & 
Tanimoto, 1991) 
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2.3.2 PORT OF OFUNATO, JAPAN – TSUNAMI BREAKWATER 
The tsunami breakwater at Ofunato Port was constructed between 1963 and 1967, after damage 
due to the Chilean earthquake tsunami of 1960. Situated 99kms from the epicentre of the 9.0 
magnitude earthquake that took place on March 11, 2011 on the northern east coast of Japan, the 
Ofunato Bay mouth is 1.7km wide and 40m deep. At the 200m wide entrance a submerged dike was 
built up to the level of -16.3m to reduce the opening as much as possible. Investigations showed that 
the breakwater would serve as an efficient protective structure for a 40 minute tsunami, which 
would otherwise result in water levels of 6m above chart datum. This breakwater (Figure 2.11) was 
however destroyed in the aforementioned earthquake and subsequent tsunami. (Goda, 1983) 

2.3.3 PORT OF SHIBAYAMA, JAPAN – DUAL CYLINDER BREAKWATER 
The dual cylinder title refers to inner and outer (perforated) cylindrically-shaped walls, which act as a 
shell structure as shown in Figure 2.12. This constitutes a wave chamber which induces wave energy 
dissipation. This structure is adequate to withstand large wave forces, but requires less construction 
material, because of a relatively small cross section and due to the integrated wave chamber 
(Takahashi, 1996). 

The dual-cylinder caissons are constructed in such a manner that incident waves crash together to 
thereby dissipate wave energy. This alternative breakwater technology is suitable for shorelines that 
are deep or have a high tidal range. This type of breakwater has also been used in the port of 
Sakaiminato. (Hotta, 2002) 

Figure 2.12 - Dual cylinder caisson breakwater at Shibayama Port (Takahashi, 1996) 

Figure 2.11 - Cross-section of the Ofunato tsunami breakwater (Goda & Tanimoto, 
1991) 

Stellenbosch University  http://scholar.sun.ac.za



Isak Wüst Literature Study December 2014 

12 
 

Figure 2.13 - Location of the Pars 
Petrochemical Port Assalueh region, a.k.a. 
Azaluyeh. Adapted from (Stevertigo, 2005) 

Figure 2.15 - Typical cross-section of the Pars Petrochemical Port breakwater (Banijamali & Banijamali, 2011) 

2.3.4 PARS PETROCHEMICAL PORT, IRAN – SLENDER RUBBLE MOUND 

This port is situated in the Persian Gulf on the Iranian west coast (Figure 2.13) and has two 
breakwaters (Figure 2.14). Due to a steep seabed slope, the main breakwater is located in water 
depths of up to 33m below Chart Datum (LAT), although most of its length is in water depth of 28m 
(see cross-section in Figure 2.15). This breakwater had particular criteria of withstanding not only 
waves and hydraulic related phenomena, but also significant seismic activity, as the site is situated 
close to active fault-lines. This necessitated its high and wide berm structure, placed at minus 14 
meters below the design water level. It is also worth noting that during the design, minimal future 
maintenance and repair was paramount. A significant wave height of 5.2m was used as design wave 
condition.   

A statically stable berm breakwater was selected based on criteria such as availability of quarries, 
longevity of rock, local experience, cost and duration of construction. For the armour layer, 14t 
Antifer blocks were used on the trunk, and 18t units in the bends and head sections. (Banijamali & 
Banijamali, 2011) 

  

Figure 2.14 - Pars Petrochemical Port breakwater layout 
(Banijamali & Banijamali, 2011) 
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Figure 2.17 - Cross-section of the Costa Azul offshore breakwater (Hibbs, Bowers, Young, & Dingwall, 2009) 

2.3.5 COSTA AZUL LNG TERMINAL, MEXICO – OFFSHORE BREAKWATER 

Located on the Pacific coast of Baja California in Mexico (Figure 2.16 left), this breakwater is 
designed to provide protection to the LNG unloading berth. A 650m long breakwater, approximately 
200m offshore (Figure 2.16 right), was built using 12 precast reinforced caissons, founded on a low 
rubble mound foundation pad in 25m water depth (Figure 2.17).  

The caissons were adapted for deep water construction by designing their cross section in an L-
shape, resulting in a vertical cantilever on a wider base, limiting the applied bearing pressures. The 
caissons were cast with a deliberately roughened (serrated) profile to generate sufficient base 
friction against sliding, which was identified as its critical failure mechanism. A purpose built dry 
dock was constructed for the manufacturing of these caissons, from where they were floated out 
into position. These caissons are 25.5m high, 38m wide and up to 68m in length, the largest of which 
displaces 32 000 tonnes.  

The conditions during construction depend on a characteristic wave climate, rather than a storm 
wave climate. This characteristic wave climate is dominated by a long period, low height swell. To 
ensure accurate positioning in the constraints of the persistent swell conditions, the contractors 
devised a manoeuvre using asymmetrical ballasting, which allowed the caissons to be rolled 20 
degrees before final touch down. (Hibbs, Bowers, Young, & Dingwall, 2009)  

Figure 2.16 - Location of Costa Azul in Baja California (left) and the breakwater at the LNG terminal after 
installation of the 12th caisson (right) (Hibbs, Bowers, Young, & Dingwall, 2009) 
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2.3.6 LA CORUNA, SPAIN – PUNTA LANGOSTEIRA 

This 3 354m long rubble mound breakwater at the Outer Port of La Coruna (Figure 2.18) extends to a 
depth of 40m. It is designed with a 140 year return period which results in an extreme wave regime 
with significant wave heights of up to 15.1m in some sections. The main trunk section is armoured 
with a double layer of 150t blocks on a double layer of 15t blocks under layer, and boasts a concrete 
crest up to a height of 25m above the still water level to prevent overtopping (Figure 2.19). 
(Gutierrez-Serret, Grassa, & Grau, 2010) 

Construction of the armour layer was done with two of the largest cranes in the world, which were 
able to place the 150t blocks at 115m outreach. The construction process was paused in the winter 
months and halted in the event of significant wave heights of more than 1.3m occurring. The 
breakwater has withstood several storms without damage being detected since completion in 
September 2011. (Gutierrez-Serret & Lozano, 2013)   

Figure 2.19 - Cross-section of Punta Langosteira breakwater at La Coruna (Guillén, 2008) 

Figure 2.18 - Layout of La Coruna showing outer port (left) and inner port (right) 
(Guerra, 2011) 
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Figure 2.20 - Overview of Algeciras Bay with detail of Isla Verde terminal showing detached breakwater 
in red. Adapted from (Comport, 2011) 

Figure 2.21 - Cross-section and isometric view of detached breakwater at Algeciras (Gutierrez-Serret, 
Grassa, & Grau, 2010) 

2.3.7 PORT OF ALGECIRAS BAY, SPAIN – LOW REFLECTION VERTICAL BREAKWATER 

This port lies across from Gibraltar (Figure 2.20). The detached breakwater at Isla Verde (new 
terminal to the West) is over 2km long to allow greater flexibility in the operations of even the 
largest vessels. The breakwater is a vertical structure comprising 43 so-called “anti-reflective 
caissons” with one single alignment, laid on an armour stone foundation at -35m and crowned at 
+7.5m with a maximum seabed depth at -43m (Figure 2.21). The first row of caisson cells is open (in 
a vertical slit configuration) to dissipate incident wave energy and reduce the impact of the reflected 
wave. A 275 year return period only yielded a 4.8m significant wave height and a peak period of 9s 
from a SSE direction. Since completion it has withstood a storm from the east with an offshore 
significant wave height of 7m, reaching the breakwater at 3m, resulting in only slight caisson 
settlements of less than 10cm. (Gutierrez-Serret, Grassa, & Grau, 2010)  
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2.3.8 CARTAGENA PORT, SPAIN – ESCOMBRERAS BASIN SW BREAKWATER 

The Port of Cartagena is a natural harbour and has facilities for commercial shipping, whilst being a 
naval base as well. The port consists of two basins – the Cartagena basin within the bay, and an 
external basin called the Escombreras basin (Figure 2.22). Due to increased traffic volumes an 
enlargement of the Escombreras basin was undertaken, which would increase the land area by 60 
hectares and provide 70 hectares of sheltered waters. This enlargement was composed of 4 sections 
of breakwaters, one of which is the South-West breakwater. 

The South-West breakwater in this exposed basin is just over a kilometre long (1038 meters) and 
composed of 20 caissons founded at a depth of 29m on an armoured rubble mound, making it a 
vertically composite breakwater. This foundation mound extends to a maximum depth of 52m 
(Figure 2.23). The design wave has a significant height of 8.1m and a peak period of 13s. Since 
completion in 2002, the breakwaters have withstood several storms without being damaged, the 
worst of which had a significant wave height of 5m and a peak period of 9s. (Gutierrez-Serret, 
Grassa, & Grau, 2010) 

  

Figure 2.23 - Cross-section of the South-West breakwater at Cartagena's Escombreras Basin
(Gutierrez-Serret, Grassa, & Grau, 2010) 

Figure 2.22 - Layout of Cartagena Port and Escombreras basin (Gutierrez-Serret, Grassa, & Grau, 2010) 

South-West breakwater 

Stellenbosch University  http://scholar.sun.ac.za



Isak Wüst Literature Study December 2014 

17 
 

Figure 2.26 - Cross-section of the original (left) and strengthened (right) Punta Lucero breakwater at Port of 
Bilbao (Gutierrez-Serret, Grassa, & Grau, 2010) 

2.3.9 PORT OF BILBAO, SPAIN – PUNTA LUCERO BREAKWATER 

Punta Lucero breakwater (Figure 2.24) is situated in the outer parts of Bilbao’s estuary harbour, on 
the northern coast of Spain, in the Bay of Biscay. The original rubble mound breakwater (Figure 2.26 
left) at Punta Lucero was built between 1971 and 1976, before being repaired and strengthened 
(Figure 2.26 right) from 1980 to 1985. Its 1:1.3 slope was armoured with 65t blocks. 

This 2.5km long armoured rubble mound extends to a depth of 54m below the low water level. 
Storms in 1976, with significant wave heights of up to 8m and average periods of up to 9.5s, caused 
significant damage and eventually failure in section 2 (longest section) of the trunk. Investigations 
stated that failure was caused by the crown becoming unstable in wave heights above 7m and an 
insufficient depth of the armour layer. It was repaired and strengthened with 150t blocks on a 1:2 
slope (Figure 2.25), using a design wave height of 10.1m at the start of damage, and 14.5m at failure. 
(Gutierrez-Serret, Grassa, & Grau, 2010)  

  

Figure 2.24 - Layout of Port of Bilbao. Adapted from (Repsol, 2014) 
Figure 2.25 - Cube placement on 
Punta Lucero breakwater (Cyes, 2012) 
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Figure 2.27 - Cross-section of the Torres breakwater at Port of Gijon (Guillén, 2008) 

Figure 2.28 - Cross-section of the Northern breakwater at Port of Gijon (Guillén, 2008) 

2.3.10 PORT OF GIJON, SPAIN – TORRES AND NORTHERN BREAKWATER 
The Port of Gijon was enlarged by constructing an outer port to the east of Cape Torres. It consists of 
a total of 3 834m of breakwater which is composed of 3 sections starting from Cape Torres – the 
Torres breakwater, the Northern breakwater, and the Secondary breakwater (also known as the 
Perpendicular breakwater) – creating a shelter for a 145ha water surface area (see Figure 2.29). 

The Torres breakwater (Figure 2.27) is a rubble mound structure, 1488m in length, extending to a 
water depth of 22m. It is armoured with up to 145t blocks and has a concrete capping with crest 
elevation from 14 to 24 meters above the low water level. It was designed to withstand storms from 
the NNW and the N with a significant wave height of 8.75m and a 19s peak period. (Gutierrez-Serret, 
Grassa, & Grau, 2010) 

The 1593m long Northern breakwater consists of 33 caissons. A vertical breakwater was chosen to 
reduce construction cost, time, and material (Rato, Retamero, & Riestra, 2008). It has a crown wall 
reaching a height of 24m above the low water level and the caissons are founded at 24.75m below 
the low water level on a mound armoured with 30t blocks, extending to depths of up to 30m below 
the low water level. It was designed to withstand storms from the NNW and the N with a significant 
wave height of 9.5m and a 19s peak period. (Gutierrez-Serret, Grassa, & Grau, 2010) 
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The transition between the abovementioned two breakwaters consists of 2 transverse caissons 
protected with 90 and 200 ton blocks (Figure 2.30 and Figure 2.31). These 4.4m high 200t blocks are 
the heaviest ever built and required one of the largest crawler cranes in the world to place them at 
an outreach of 105m. (Guillén, 2008) 

At the eastern border of the North quay reclamation, is the Secondary (or Perpendicular) 
breakwater. This 815 long, rubble mound breakwater is armoured with 90t blocks in 30m of water 
depth to protect the basin from waves from the north-east (not waves with most energy). (Rato, 
Retamero, & Riestra, 2008)  

Figure 2.31 - Configuration of connection between Torres 
and North breakwater at Port of Gijon (Rato, Retamero, & 
Riestra, 2008) 

Figure 2.30 - Photo of the 200t concrete cube 
armouring blocks, each standing 4.4m high in the 
yard (Guillén, 2008) 

Figure 2.29 - Plan view of extension to port of Gijon (Rato, Retamero, & Riestra, 2008) 
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Figure 2.33 - Cross-section of the provisional repairs done at Sines (Burcharth, 1987) 

2.3.11 PORT OF SINES, PORTUGAL – REHABILITATED BREAKWATER 

Situated 120km south of Lisbon, the Port of Sines is situated on the very exposed coast at Cape Sines 
in Portugal. The initial 2km long, rubble-mound breakwater was constructed in water depths of up to 
50m to protect the berths and eastern part of the harbour behind it (see Figure 2.32). The infamous 
failure of the Sines rubble-mound breakwater is discussed in detail in section 2.4.1 of this document. 
The following section will discuss the provisional and final repair of the west breakwater, as 
performed after the storm and subsequent failure, in 1979 (see Figure 2.34 and Figure 2.35).  

The purpose of the initial provisional repair was to keep berths 1 and 2 in operation. For this, wave 
statistics by Orgeron et al (1982) suggested a 1:100 year significant wave height of 13.0m with peak 
periods of up to 25s. It was decided to construct a horizontally wide breakwater with Antifer type 
cubes as the main armour units (Figure 2.33). Due to the handling limit of the available construction 
equipment, no bigger than 90t units could be accommodated. The pattern in which the cubes were 

Figure 2.32 - Port of Sines layout and bathymetry (Magoon, et al., 1994) 
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Figure 2.34 - Rehabilitation measures implemented on West breakwater at Sines (Magoon, et al., 1994) 

packed, also allowed for increased movements and overtopping. This resulted in a cross-section 
which was reasonably stable against a significant wave height of only up to 10.5m and peak periods 
of between 15s and 18s. This would not be satisfactory as a final repair. (Burcharth, 1987) 

Design conditions for the final repair adopted a significant wave height of 14m with peak periods 
ranging from 16s to 24s for a 1:100 year return period. This sea state puts the still water level at 
+4.0m above Chart Datum (LAT). Armour damage of 2 to 3% was allowed by the 100 year event for 
the outer parts (beyond berth 2) of the breakwater trunk (Magoon, et al., 1994).  

The final repairs, as implemented on the sections shown in Figure 2.34, were:  

 Flattened lee side slope to 1:2 for seismic stability; single layer of 90t Antifer cubes on lee 
side slope; 9-12t Dolosse placed below -5m CD on lee slope. 

 Lowered crest elevation from 14m to 13.2m above CD, allowing more overtopping, but 
increased stability 

 Pipeline rack was redesigned to withstand the 100 year event 
 Gap in front of parapet wall was filled with large rock to reduce impact pressures 
 90t Antifer cubes were placed down the extended berm profile 

Figure 2.35 - Cross-section of the rehabilitated trunk of breakwater at Sines (Magoon, et al., 1994) 
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2.4 BREAKWATER FAILURES 
The following subsections will highlight some of the significant breakwater failures to date and 
summarise the characteristics of each breakwater, as well as the conditions that caused their failure. 
This includes the well-known failure of the breakwater at Sines and an example of a Japanese 
breakwater failure after the 2011 tsunami. The last subsections then summarise some of the most 
common reasons for failure of breakwaters. 

2.4.1 PORT OF SINES, PORTUGAL 

The west breakwater at Sines is a rubble-mound, Dolos-armoured, deep water breakwater intended 
for dual purpose – providing shelter and protection to the inner harbour as well as supporting an oil 
pipeline for the tanker berths on its lee side. The 2km long breakwater was constructed in depths of 
up to 50m, resulting in a previously untried combination of unusually deep water and a high-energy 
marine setting.  

A quarry fill core was armoured with 3-6t stone and blanketed with 42t non-reinforced Dolosse that 
have a waist ratio of 0.35 and a mass density of 2.35t/m3.  The wave wall superstructure in front of 
the portside roadway and pipelines, was constructed with reinforced concrete and had a crest at 
+19m above MWL. The design criteria for a 1 in 100 year return period storm prescribed a significant 
wave height of 11m, peak wave periods of up to 16s and a mean wave period of 13.5s. (Burcharth, 
1987) 

Figure 2.36 - Photos showing damage to the Sines breakwater 
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Figure 2.37 - Layout (right) and cross-section (left) of the original breakwater at Sines (Burcharth, 1987) 

In February of 1978 a storm ensued which broke and removed most of the armouring and eroded 
the seaward profile (Figure 2.37), which undermined the superstructure, leading to an overall 
breakwater failure (see photos in Figure 2.36). Subsequent storms in December of the same year 
and February of the next year removed all armour protection, including some temporary remedial 
works (done in September 1978) as well as much of the superstructure. (Coastal Engineering 
Research Council. Port of Sines Investigating Panel, 1982) 

According to Burcharth (1987) the design criteria was sufficient to withstand these storms and it 
should not have caused such significant damage. The following deficiencies were revealed by 
succeeding investigations: 

 Limited mechanical strength of large Dolosse (not considered during design) 
 Overestimation of the hydraulic stability (against displacements) of the Dolos armouring 
 Underestimation of the storm wave climate (according to long term statistics) 
 Importance of wave period might not have been fully considered 

From this failure, the decreasing relative strength of armour units with increasing size becomes 
apparent, as well as proper consideration for their hydraulic stability. Also, large uncertainties are 
assured when estimates of extreme wave statistics are based on only a few years of observations 
and records. Finally, the importance of amour layer permeability and porosity is highlighted to 
overcome the so-called “reservoir effect” (see subsection 2.4.4-B). (Burcharth, 1987) 

One of the problems that arose from studies done subsequent to the breakwater failure at Sines, 
was that the breakwater design was based on an extrapolation of procedures used for small (or 
shallow) breakwaters (Coastal Engineering Research Council. Port of Sines Investigating Panel, 1982). 
This may well have contributed to an insufficient design to resist the forces of the storms that 
ensued.  
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2.4.2 PORT OF KAMAISHI, JAPAN – TSUNAMI BREAKWATER 
Breakwaters were constructed on the Japanese East Coast as a pre-emptive measure to protect the 
coast against the inevitable wave attack caused by heavy storms and offshore earthquake events. A 
well-known example is the aforementioned Kamaishi Port breakwater. 

A catastrophic earthquake took place on the 11th of March 2011 off the coast of Japan (known as the 
Great Tohuku Earthquake or Great Sendai Earthquake), resulting in an accompanying tsunami 
causing multiple breakwater failures and extensive coastal damage as well as loss of life. With a 
magnitude of 9.0 on the Richter-scale, the earthquake is the largest ever recorded on the Japanese 
coast. The earthquake triggered tsunami warnings throughout the Pacific basin. (Pletcher & Rafferty, 
2013) 

The accompanying series of tsunami waves headed for the mainland at 800 km/h from the 
earthquake’s epicentre, only 130km from the shoreline. In some areas, the waves were reported to 
have travelled as far as 10km inland. At Kamaishi Port, the first long-period wave of the tsunami was 
measured as 4.3m in height. 

The breakwater at Kamaishi failed when it was overtopped by this first wave of the tsunami, leaving 
the harbour behind it defenceless (Figure 2.38 and Figure 2.39). It is also suspected that waves 
reflected off the breakwater, contributed to the enlarged waves at regions to the North of Kamaishi 
(Onishi, 2011). According to Arikawa et al. (2012) the collapse of the breakwater was primarily due 
to the water level difference (in front and behind the breakwater) and the resulting wave pressure 
(front/outside) and lateral force (behind/inside). During overflow (Figure 2.40), the wave pressure 
on the front is higher than hydrostatic pressure. However, the wave pressure on the back falls to 
about 10% below hydrostatic pressure. Thus, the fall of the back surface pressure during overflow, 
and rise of instability of the mound by scouring, made the breakwaters more vulnerable to collapse 
(Arikawa, Sato, Shimosako, Hasegawa, Yeom, & Tomita, 2012). In a similar paper on destabilization 
of a caisson-type breakwater due to a tsunami, Imase et al. (2012) suggest scouring and seepage 
failure as the cause of damage in the same event. They argue that the breakwater slid, due to the 
action of the initial impulsive force, but the shear deformation in the rubble-mound foundation and 
seabed decreased the bearing capacity. 

Figure 2.38 - Photo of Northern breakwater damage (Arikawa, Sato, Shimosako, Hasegawa, 
Yeom, & Tomita, 2012) 
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2.4.3 FAILURE OF VERTICAL BREAKWATERS 
In his review and analysis of vertical breakwater failures, Oumeraci suggests three possible 
classifications of reasons for failure (Oumeraci, 1994): 

 Reasons inherent to the structure itself – structural 
 Reasons inherent to hydraulic conditions and loads – hydraulic  
 Reasons inherent to foundation and seabed morphology – geotechnical 

Under the first point, the inadequacy of the “concept of reflective structures”, the non-monolithicity 
of the structure, too low crest of the structure, and too high toe berm are given as specific reasons. 
The second point refers to exceedance of design wave conditions, wave concentration along the 
structure, wave breaking and impact loading, as well as wave overtopping. The last point regards 
unfavourable seabed topography, scour and erosion, settlement, and slip or shear failures. 
(Oumeraci, 1994) 

According to recent study, the sliding of caissons due to the influence of sea-level rise is, however 
severe, not significant when compared with the far greater influence of wave height increase. This is 
further emphasized by the fact that caisson design is based on water depths. This means that, if sea-
level rise is already considered in the design phase of the breakwater, wave height increase remains 
the critical issue to consider for failure. When considering climate change impacts on the design of 
caissons, the influence of wave height increase should however be carefully investigated, especially 
in deep water or outside the surf zone. (Kim & Suh, 2012) 

Figure 2.39 - State of damage of breakwater at Kamaishi 

Figure 2.40 - Major failure causal factors under tsunami overflow (Arikawa, Sato, 
Shimosako, Hasegawa, Yeom, & Tomita, 2012) 
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2.4.4 FAILURE OF RUBBLE-MOUND BREAKWATERS 

A) GENERAL FAILURE MODES 
Various failure modes of rubble-mound structures exist. An overview of rubble-mound 
failure modes are summarised in Figure 2.41.  

Although many of these failure modes can be considered interlinked, as one could easily 
induce or influence another, it does highlight the critical aspects to consider. Many failure 
modes are categorised as geotechnical failures such as the slip surface-rupture zones shown 
in Figure 2.41 by dashed lines. For the purpose of this study however, only structural failure 
is of importance, specifically the armour layer stability. Armour layer failures include 
hydraulic instability (i.e. significant movement of units), and loss of structural integrity due 
to breakage of individual units. Failure modes of typical armour layers are presented visually 
by Burcharth in Figure 2.42.  

Each of the mechanisms described visually in Figure 2.42 potentially causes a local weak 
point in the layer, thus contributing to the instability of the overall armour layer. This could 
lead to the systematic disintegration of the armour layer and eventually, failure of the 
breakwater. The CEM (Hughes & Burcharth, 2006) suggests that the complexity of armour 
layers is such that, forces on individual units cannot be accurately calculated for specific 
wave conditions.  

Figure 2.42 - Typical armour layer failure modes (Burcharth, 1993) 

Figure 2.41 - Failure modes of rubble-mound breakwaters (Burcharth, 1993) 
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B) RESERVOIR EFFECT 
This term was coined by Burcharth in 1979 when explaining the tendency of a 
decreased stability number (see subsection 2.6.1-A-ii) with longer wave periods. 
Voids between armour units are filled with air during wave recession and they are filled 
with water during wave run-up, reducing the wave run-up and the overflow velocities, which 
results in higher hydraulic stability. In the case of long period swell waves, where more 
water per wave is carried onto the slope, a smaller portion of the water can be stored within 
the voids between the armour units. This then results in higher overflow velocities and lower 
hydraulic stability of the armour layer. Consequently, Burcharth concluded that an armour 
layer with large porosity will have a reduction in stability during longer period wave 
onslaught. (Burcharth & Liu, 1992) 

C) HETEROGENEOUS PACKING (HEP) FAILURE MODE 
This failure mode is specific to the armour layer and is associated with the problems of face-
to-face packing. In their paper, Gomez-Martin and Medina (2006) state that there is a 
natural increase of packing density in the lower part of an armoured rubble-mound 
breakwater. They suggest this happens due to small unit movements and frequent face-to-
face arrangements, generating significant porosity variations in different parts of the 
breakwater. “The increase of the packing density below the still water level (SWL) is balanced 
by a corresponding reduction in packing density above and near the SWL, which is denoted in 
this paper as the Heterogeneous Packing (HeP) failure mode.” (Gomez-Martin & Medina, 
2006) 

2.5 SELECTION OF BREAKWATER TYPE 
The importance of breakwater type selection is paramount to the design process of a breakwater. 
This choice governs the structural design process going forward, and can even determine the input 
parameters required. It is therefore essential to study the factors and considerations this choice is 
based on. The following subsections will summarise some of the considerations mentioned in 
literature and by experts on the subject. 

2.5.1 FACTORS TO CONSIDER 
According to Takahashi (1996), in addition to their influence on the surrounding topography (due to 
wave reflection) and on the environmental water conditions, breakwater types are selected based 
on the following considerations (adapted from original list for clarity): 

 Layout of the breakwaters 
 Environmental conditions 
 Utilization conditions 
 Costs of construction 
 Construction terms 
 Available construction materials 
 Maintenance 
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The British Standard guide (British Standard Institution, 1991) on the design and construction of 
breakwaters suggest the following factors that affect the choice of breakwater type: 

Function(s) – especially functions additional to the definitive (providing sheltered waters) such as 
protecting a reclamation area, providing a berth, or supporting services on its inner face. The more 
functions a breakwater is designed for, the more risk has to be dealt with in the design process. 

Navigation – reflections from especially vertical breakwaters can be detrimental to ships navigating 
harbour entrances and approaches. 

Wave overtopping – Some breakwaters are more effective in reducing and minimising overtopping 
for the same freeboard (crest) level. Rubble-mound breakwaters dissipate the wave energy to 
thereby reduce the overtopping, whilst vertical breakwaters show little reduction in energy, and the 
water column can end up as overtopping or a reflected wave. 

Wave transmission  – Long period waves will often transmit through very permeable structures. 
This could be problematic and the leeside vessel responses should be carefully assessed before such 
a structure is chosen. 

Environmental effects – The reflective characteristics of vertical breakwaters (versus less 
reflection by a rubble-mound breakwater) as well as the breakwater’s effect on the coastline should 
be considered. 

Foundation conditions – A rubble-mound breakwater is more tolerable of imperfect or poor 
foundation conditions than a caisson structure. A vertical breakwater however requires a narrower 
foundation if excavation or fill is needed to prepare the seabed for any structure and could therefore 
be more economical. Furthermore, seabed erosion should be considered, especially where 
significant currents are present. Generally, rubble-mound breakwaters cause less erosion at the toe 
than a vertical breakwater. 

Construction materials – Availability of materials could determine the type of breakwater. 
Rubble-mounds require large volumes of varying sizes of rock as well as concrete for the armour 
units. Caisson structures require sand and/or gravel for ballast for the caissons and a quality 
aggregate to ensure durable concrete. 

Construction methods  – The choice between various forms of construction (and the necessary 
equipment) for both rubble-mound and vertical type breakwaters are usually dependant on 
circumstance. Some of the major considerations include: 

 Environmental conditions: the degree of protection of the breakwater site 
 Equipment: the availability of heavy lifting machinery for instance 
 Land/Sea-based: building from land versus building from floating vessel 
 Underwater work: sea bed preparation, for instance, can be slow and requires calm sea 

conditions 

Damage and maintenance – The possibility of breakwater damage during its design life should be 
accepted and the method and cost of repair should be considered during breakwater type selection. 
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2.5.2 RUBBLE-MOUND VS. VERTICAL BREAKWATER CONSIDERATIONS 
The advantage of vertical walls is their potentially efficient use of space and economical use of 
construction material. They have further advantages of being particularly visible to navigators and 
the ease of mooring vessels alongside. Sourcing large rock, especially armour rock, can be 
troublesome and this rock can often not be obtained locally. Importing it can be prohibitively 
expensive, in which case a local casting yard, manufacturing concrete units (armour blocks or 
caissons), becomes more viable. (Allsop, 2009) 

Regarding the comparison of rubble-mound and vertical breakwaters, there is “no unified approach 
or easy method” to decide on the type of breakwater to be used, according to Allsop (2014). He 
further suggested an initial assessment of the available facilities and materials, the wave climate 
during construction, and foundation conditions. 

According to Van der Meer (2014), all three alternatives – vertical caisson-, composite-, and rubble-
mound breakwater – should be designed for each case, followed by a cost-benefit calculation. He 
mentions that this is often dependant on the availability of a weather window as well as the 
experience base of the contractor involved. He recommends a life-cycle cost analysis, including the 
extreme storms and the consequences of failure. 

In his article on the analysis of vertical breakwater failures, Oumeraci (1994) suggests that 
monolithic structures may provide a better alternative breakwater type for greater depths in terms 
of performance, total costs, standardisation, quality control, environmental aspects, construction 
time and maintenance. 

A marine contractor would typically prefer to be involved as early as possible in the design process, 
because a lot of the decision making can be influenced by a constructability perspective (Theron F. , 
2014). A rubble-mound breakwater is usually cheaper to build as long as the material is readily 
available, and an ample weather window is available for construction. The decision is typically made 
in the FEED (Front End Engineering Design) phase of the project and is driven by a balance between 
cost and certainty of function. Various designs (including different types of breakwaters) are often 
done in parallel. As breakwaters are so unique and their cost is so immense, determining their type 
and concept is done on a case-by-case basis. (Theron F. , 2014) 

Impulsive loads from breaking waves can be very large and could become critical with increasing 
number of loads. The notion is therefore to avoid frequent wave breaking at vertical structures. 
Alternatives suggested by the CEM (Hughes & Burcharth, 2006), include placing a mound of armour 
units in front of the vertical wall to break waves before they break directly on the wall, or merely 
changing to a rubble-mound type breakwater, which would likely have lower maintenance costs 
than any alternative composite-type.  

2.6 DESIGN 
Conceptual design of a breakwater based on the chosen design levels and requirements is done by 
addressing wave-structure interactions. These interactions are mostly described by formulae which 
are semi-empirical in nature – their form is based on physical considerations but the empirical 
constants were determined by fitting them to experimental data. (Hughes & Burcharth, 2006) 
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Design methods for full-depth and vertically composite breakwaters (as described by Allsop) are 
generally addressed together. For horizontally composite walls, methods are drawn from both 
vertical walls and rubble mounds (Allsop, 2009). Because of the nature of their design methods, the 
design of each major breakwater type will be presented separately in the next few subsections, 
followed by a summary of applicable design software. 

2.6.1 RUBBLE-MOUND STRUCTURES 
Part VI, chapter 5 of the CEM (Hughes & Burcharth, 2006) presents formulae for the preliminary 
design of rubble-mound structures according to their loading and response. These formulae are 
deemed to be used within the stated parameter limitations and with due consideration of the 
uncertainties. According to this manual, design analysis of rubble-mound structures can be 
subdivided into three phases: 

 Structure geometry 
 Evaluation of construction technique 
 Evaluation of design materials 

The following subsections of this document will examine the 
design aspects of geometric features: 

A) ARMOUR LAYER STABILITY 
Armour layer stability has been attributed to many 
different aspects, the most important of which is armour 
unit type and size (mass), for this has the biggest influence 
on the structural- as well as hydraulic stability of the unit. 
The following subsections will discuss armour unit sizing, 
the definition of damage, and how permeability affects 
stability according to the relevant literature. 

i. Concrete armour units 
A wide variety of artificial units exist. These units have been divided into the following 
subsections: massive or blocky, bulky, slender, and multi-hole cubes. The general shape and 
geometry of a unit determines its structural and hydraulic stability. The hydraulic stability of 
armour layers can be compromised if individual armour units disintegrate, causing a 
reduction of the stabilizing gravitational force (and possible interlocking effects). These 
broken unit pieces pose a further hazard when rolling down the armour slope, triggering 
additional unit breakage as a result of high velocity impact due to wave action. It is therefore 
critical to consider the structural integrity of a unit, as different categories of units have 
different sensitivities to breakage. (Hughes & Burcharth, 2006) 

The standard cube is considered to be relatively cheap and simple to produce, it is placed 
easily, it has a failure function which is not brittle, and unit breakage is not a significant 
problem (Gomez-Martin & Medina, 2006). Despite their structural robustness, traditional 
cube armour layers do have the drawback of requiring large volumes of concrete (Gomez-
Martin & Medina, 2007).  

Figure 2.43 - Three dimensional 
view of the Cubipod (Gomez-
Martin & Medina, 2006) 
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The Cubipod (Figure 2.43), considered to be a massive-type armour unit, was designed and 
patented at the Universidad Politécnica de Valencia (UPV) in Spain. The aim is to provide a 
balanced solution between hydraulic and structural stability. This is done by maintaining 
much of the advantages associated with cube units – high structural strength, easy casting 
and placement, and low progressive failure risk – and overcoming some of its disadvantages 
(Gomez-Martin & Medina, 2006). Based on the cube, the Cubipod is a massive cubic element 
with protrusions on each side which: 

 avoids the face-to-face arrangement associated with the HeP failure mode (see section 
2.4.4) 

 separates adjacent units 
 increases friction with the underlayer or secondary layer 

The result is the unit in Figure 2.43 showing its truncated, pyramid shaped protrusions with 
square sections. Gomez-Martin & Medina (2006) did model tests which compared the 
hydraulic stability of cubes and Cubipods. The Cubipods used were however lighter 
(W50=108g) and had a lower mass density (ρs=1.86t/m³) than the cubes (W50=140g, 
ρs=2.18t/m³), although both units used the same core and filter layers. The tests were done 
in deep water wave conditions with a crest level set high enough to prevent overtopping. 
Damage, as well as run-up was measured by visual observation for each wave run. Larger 
wave heights were measured at the start of damage and the start of destruction for 
Cubipods. Thus, higher hydraulic stability was obtained from the Cubipod armour layers than 
for cubes, keeping in mind that Cubipods had lower armour unit weight and mass density 
(some model effects may have an influence). On average, Cubipod models showed only 85% 
of the run-up heights compared to cubes. This infers that Cubipods could possibly allow a 
lower crest level for given environment conditions and overtopping rates. Finally, the 
Cubipods were considered easier to place randomly than cubes due to the “protrusions and 
characteristics of symmetry favour[ing] the self-organizing random placement Cubipods on 
the slope”. (Gomez-Martin & Medina, 2007) 

Later tests by the same authors confirmed that the Cubipod withstood higher drops, it was 
more stable even in single-layer, and it was more stable on roundhead armour layers 
(although with less pronounced differences) when comparing it to the same attributes of 
cubes and double layer cube armouring. (Gomez-Martin & Medina, 2008) 

ii. Armour unit size 
Sizing of armour units is estimated with various formulae and subsequently confirmed with 
small scale model tests. Armour stability formulae are applied for conceptual design taking 
the uncertainties of the formulae into consideration. Formulae are dependent on the type of 
armour unit, the wave conditions, as well as the design requirements of the structure. 
(Hughes & Burcharth, 2006) 

For rubble-mound structures armoured with two layers of rock only, with non-overtopped 
slopes, non-depth limited, irregular head-on waves, notional permeability between 0.1 and 
0.6, and wave steepness that ranges between 0.005 and 0.06, the CEM (Hughes & 
Burcharth, 2006) suggests the formulae of Van der Meer (1988) shown in equations 2 to 4. 
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 퐹표푟	푝푙푢푛푔푖푛푔	푤푎푣푒푠	(휉 < 휉 ):				
퐻

Δ퐷
= 6.2 ⋅ 푆 . 푃 . 푁 . 휉 .  (2) 

   
 퐹표푟	푠푢푟푔푖푛푔	푤푎푣푒푠	(휉 > 휉 ):				

퐻
Δ퐷

= 1.0 ⋅ 푆 . 푃 . 푁 . 휉 √cot 훼 (3) 

   
 휉 =

tan훼
푠

										푎푛푑										휉 = 6.2푃 . √tan훼
/( . )

 (4) 

   For non-overtopped slopes with two-layer concrete cubes armouring, the CEM (Hughes & 
Burcharth, 2006) suggests Van der Meer’s (1988) formula (presented in equation 5), which is 
valid for non-depth-limited wave conditions, irregular head-on waves, and a 1:1.5 slope, 
which correlates with a surf similarity parameter range of: 3 < 휉 < 6. 

 
퐻
Δ퐷

= 6.7
푁 .

푁 . + 1.0 푠 .  (5) 

   The approximate coefficient of variation corresponding to the uncertainty of the formula is 
0.10. The term on the left of the equation (above) is considered the ratio of loading to 
resistance of the structure and is generally referred to as the stability parameter, 푁  as 
presented in equation 6. 

 푁 =
퐻
Δ퐷

 (6) 

   According to Brorsen et al (1974), a 푁  value of between 1.8 and 2.0 indicates the onset of 
damage, while values of between 2.3 and 2.6 relate to moderate damage. 

Cubipod sizing is based on Hudson’s formula (SPM, 1984) for armour unit weight, which 
incorporates a stability coefficient (퐾 ) specific to Cubipods (and certain conditions). This 
stability coefficient varies with shape, surface roughness, edge sharpness, and degree of 
interlocking of the armour unit (SPM, 1984). For non-overtopped slopes with slopes no 
steeper than 1:1.5, the formula for calculating the mass of a Cubipod is presented in 
equation 7, given the stability coefficients (퐾 ) below it (SATO, 2013). 

 푀 =
퐻 휌

퐾 Δ cot 훼
 (7) 

   where : 
퐾 = 28.0 for 2 layer trunk sections 
퐾 = 12.0 for 1 layer trunk sections 

iii. Damage 
For rubble-mound breakwaters, damage refers only to damage of the armour layer. 
Traditionally, this is defined by a surface profiler. For rock structures, damage is defined by 
the relative eroded area, 푆. This is the eroded area, 퐴 , relative to the nominal diameter of 
the mean rock size, 퐷 , as defined by Broderick (1983) in equation 8. 

 푆 =
퐴
퐷

 (8) 

   This definition takes vertical settlement into account but not settlement or sliding parallel to 
the slope. It is however less suitable for complex units. 
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However, for concrete unit armoured structures, damage is often measured by the number 
of units that have moved from their initial position. These armour movements are also then 
classified as either no movement, rocking of a single unit, or displacement by a certain 
minimum distance. When this number of moved units is compared to the total number of 
units within the reference area, a relative damage, 퐷 is obtained as presented in equation 9.  

 퐷 =
푛푢푚푏푒푟	표푓	푚표푣푒푑	푢푛푖푡푠

푡표푡푎푙	푛푢푚푏푒푟	표푓	푢푛푖푡푠	푤푖푡ℎ푖푛	푟푒푓푒푟푒푛푐푒	푎푟푒푎
 (9) 

      The reference area is defined according to either a strip width (from top to bottom of 
breakwater) or between two vertical levels, e.g. 푆푊퐿±퐻 . For cubes up to a slope of 1:2, a 
value of 4% is defined as intermediate damage (Brorsen, Burchart, & Larsen, 1974). 

iv. Permeability & Porosity 
Porosity is a measure of the volume of voids within the armour layer and it is defined as the 
ratio of volume of voids, to the total volume of the armour layer. The porosity directly 
affects the permeability of an armour layer. The latter is a characteristic which determines 
the ability of water to flow through the armour layer. Notional permeability (also known as a 
permeability coefficient or factor) is presented by Van der Meer (1988) in his formulae, to 
take the effect of permeability on a structure’s response to wave action, into account.  

The stability of certain slender armour units, such as Dolosse, is mainly due to its porosity 
and permeability (Burcharth, 1987). High permeability has the advantage of dissipating 
energy as water flows through the voids between units. This hydraulic dissipation is more 
effective in short waves however, where high levels of energy are bound in the overflow 
(Burcharth, 1983). Due to the so-called “reservoir effect” (see subsection 2.4.4-B), Dolos 
armour units are more vulnerable to long period wave attack, unlike bulky units such as 
cubes.  

Interestingly, Van der Meer’s equation (1988) for the stability of cubes (subsection 2.6.1-A-ii) 
has no reference to the permeability or porosity of the structure or its armour layer. This is 
due to the damage definition it incorporates, which does not take the porosity of the armour 
layer into account. However, based on Burcharth’s theory, this could be due to the unit 
itself, which does not rely on permeability for hydraulic stability, but relies on its own weight 
instead. 

v. Packing density 
The manner in which concrete armour units are packed on an armoured slope, can 
determine the efficiency in which the characteristics of the unit are applied. This is evident 
from the example of interlocking units – if units are not packed dense enough, it diminishes 
their interlocking ability and compromises the structural integrity and hydraulic stability of 
the entire armour layer. The dimensionless packing density is a function of the placing 
density (units per square meter) as presented by equations 10 and 11, which is formulated 
by the CEM (Hughes & Burcharth, 2006) as the required number of armour units for a given 
surface area of breakwater. 
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 푃푙푎푐푖푛푔	푑푒푛푠푖푡푦:		휑 =
푁
퐴

 (10) 

    푃푎푐푘푖푛푔	푑푒푛푠푖푡푦:		Φ = 휑퐷  (11) 
      Each unit will have a preferred and prescribed packing density for certain conditions and 

these are published. This density must then be strictly maintained during construction by 
specifying a grid with mean centroid distances (in 3 dimensions) as well as allowable 
deviations from these distances. To ensure adherence to this grid a simple unit count within 
a specified area is done (to be used in equation 10). (Hughes & Burcharth, 2006) 

For Cubipods, recommended values of packing density are given. Different values are given 
for single- and double layer armouring. These values are 0.59 and 1.16 for single- and double 
layer packing respectively (SATO, 2013). 

B) OVERTOPPING 
Wave overtopping is a critical hydraulic response of wave-structure interaction. The 
frequency, volume and velocity of overtopping events play a major role in the safety of lee-
side infrastructure as well as the integrity of the breakwater structure itself. Overtopping is 
defined as “green water” discharge and splash. The former refers to non-impulsive wave 
conditions whereby a continuous sheet of water passes over the crest. The latter refers to a 
more violent, impulsive condition where a wave breaks on the structure and sends splashing 
water volumes over the crest, either by their own momentum or carried by an onshore 
wind. (EurOtop, 2007) 

Typical rubble-mound breakwaters are designed with crest elevations which allow some 
overtopping during very severe storms with long return periods. This is referred to as 
admissible or allowable overtopping discharges and is enforced to avoid excessive crest 
heights. The CEM (Hughes & Burcharth, 2006) suggests that overtopping can be tolerated 
given the following criteria: 

 No damage to lee-side of structure (due to overtopped wave impact) 
 No damage to any infrastructure behind structure (due to transmitted wave or 

flooding of backshore area) 
 Navigation is unaffected (by transmitted wave generated in access channel behind 

breakwater) 

The CEM (Hughes & Burcharth, 2006) does however suggest that what is regarded as 
acceptable could be a matter of local traditions and individual opinions. The rates presented 
in Table 2.1 are based on various model and prototype tests of average overtopping 
discharges, according to breakwater functions. 
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Table 2.1 - Critical values of average overtopping discharges according to CEM (Hughes & Burcharth, 2006) 

Structural safety criteria q [ℓ/s per m] 

  Embankment / Seawalls   
Damage even if fully protected > 50 
Damage if back slope not protected > 20 
Damage if crest not protected > 2 
No damage < 2 
Revetments   
Damage even for paved promenade > 200 
Damage if  promenade not paved > 50 
No damage < 50 

  Three types of mathematical formulations for dimensionless overtopping dominate 
literature. These are presented in equations 12 to 14 where 푎 and 푏 are fitted coefficients.  

 푄 = 푎 ( ) (12) 
    푄 = 푎푅  (13) 
    푄 = 푎 exp(−푏푅) (14) 
   The overtopping formula by Pedersen (1996) is based on the work of Pedersen & Burcharth 

(1992), which equates a dimensionless discharge with a dimensionless freeboard. Hence 
equation 15 was determined for rock armoured slopes of rubble-mound breakwaters and 
includes variables for armour height, crest height, and armour width. 

 
푞푇
퐿

= 3.2 ⋅ 10
퐻
푅

퐻
퐴 퐺 cot 훼

 (15) 

   The equation is most suitable for slopes up to 1:1.5, a surf similarity parameter between 1.1 
and 5.1 and prescribes a notional permeability of 0.4. Pederson claims it slightly 
overestimates overtopping discharges of especially small quantities. 

C) CREST ELEVATION AND WIDTH 
If the crest elevation is lower than the wave run-up, overtopping will occur, which can only 
be tolerated if the waves generated by the overtopping do not cause damage behind the 
structure, such as erosion to the lee-side or flooding of the backshore area. The lowest crest 
elevation that provides the required protection should be selected. As a rule of thumb, the 
minimum crest width should be greater than the length of 3 (푛=3) armour units as 
determined by equation 16. 

 퐺 = 푛푘 ⋅
푊
푤

 (16) 

   where 푘  is the layer coefficient, specified in CEM (Hughes & Burcharth, Part VI - Design of 
coastal project elements, 2006, pp. VI-5-122) as 1.1 for a modified cube unit. Alternatively, 
the crest width should be such that it can accommodate any construction and maintenance 
equipment that might operate on the structure. 
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D) CONCRETE CAP 
The concrete cap has the following purposes: to strengthen the crest, deflect overtopping 
waves away from impacting directly on the lee-side slope, to increase the crest height, 
and/or to provide roadway access along the breakwater. They can be cast in-situ, but are 
more commonly precast concrete units. Massive concrete caps must be placed after a 
structure has had time to settle, or allow settlement after placement.  

Some variations of the standard massive precast concrete cap exist. Permeable crest 
structures decrease the risk of reflecting waves out through the upper rows of armour units 
(possibly causing loss of these units), and they also reduce the risk of air entrapment under 
the cap (potentially creating unwanted uplift forces). Ribbed caps serve to dissipate waves 
and brace the upper units on the slope, yet are permeable in both horizontal and vertical 
directions.  

A cap’s width, lee-side shape, or parapet wall can be designed appropriately to prevent or 
deflect overtopping waves. A high parapet wall, however lowering the armour crest itself, 
could create problems by reflecting waves back onto the armour layer.  

E) THICKNESS OF ARMOUR LAYER AND UNDERLAYER 
According to the CEM (Hughes & Burcharth, 2006), the thickness of the cover layer and 
underlayer can be calculated by equation 17. 

 푟 = 푛푘 ⋅
푊
푤
	 (17) 

   For underlayers, it is recommended that the layer have a minimum thickness of two quarry 
stones (i.e. 푛=2). 

i. Single-layer armouring 
For most complex concrete units such as Accropode®, CoreLoc®, and Xbloc® their intended 
application was in a single-layer of armouring instead of the more conventional double-layer 
armouring. This also holds true for the Cubipod armour unit. This single layer system has the 
cost benefit of enormous concrete volume savings compared to traditional double layers. 
Equally relevant however are the increased construction costs due to stricter casting and 
placement requirements. If one unit breaks, or interlocking fails, the entire breakwater is at 
risk of progressive failure. These risks have to be weighed up against the savings to justify 
the single-layer system as feasible. (Gomez-Martin & Medina, 2008) 

Based on tests comparing the influence of packing density, filterlayer material, wave 
steepness, water depth at the toe and crest elevation, Van Gent et al (2000) showed that the 
performance of cubes in a single top layer could be an attractive alternative compared to 
double layer cubes as well as single layers of other units. They concluded that construction 
costs are expected to be lower with cubes, and, since the stability proved relatively good 
during testing, the single layer of cubes as a top layer was considered an “economically 
attractive solution”. 

  

Stellenbosch University  http://scholar.sun.ac.za



Isak Wüst Literature Study December 2014 

37 
 

F) BOTTOM ELEVATION OF PRIMARY ARMOUR LAYER 
In the case where water depth is greater than 1.5퐻 (where 퐻 is the irregular wave height 
parameter used to determine a stable primary armour unit weight), the armour layer should 
extend down the slope to a minimum depth of 퐻 below the reference still water level. In 
very deep water, this is not a significant constraint and more flexibility is allowed for 
construction as there is no need for the main armour to cover the slope at greater depths. 

G) TOE STABILITY 
Structures exposed to breaking waves should incorporate a berm to support the main 
armour layer and prevent damage resulting from scour. This is commonly referred to as a 
toe berm. Its stability is affected by wave height, water depth, and its width. Wave 
steepness does not appear to be a critical toe berm stability parameter. In practice, it is 
economical to design toe berms that allow for moderate damage before influencing or 
accelerating the instability of the armour layer.  

H) LEE-SIDE ARMOURING 
The design of lee-side armouring depends primarily on the extent of wave overtopping, 
lesser wave action of the lee-side (if any), structure porosity, but also the differential 
hydrostatic head, resulting in uplifting forces that may dislodge armour units on the back 
slope. For minor overtopping armour layering should extend down the slope to at least the 
SWL elevation. 

I) PRIMARY AND SECONDARY UNDERLAYER 
In the case of concrete armour units such as concrete cubes (퐾 ≤ 12), the primary 
underlayer stones should weigh approximately one-tenth of the overlying armour units 
(푊/10). The secondary underlayer should have the same minimum layer thickness as the 
primary underlayer (푛=2) and it should have a weight approximately one-twentieth that of 
the primary underlayer (≃ 푊/200). 

2.6.2 BERM STRUCTURES 
Breakwaters with a berm on the seaward slope can significantly reduce overtopping as well as 
reduce the armour unit size required (especially on the slope above the berm), compared to straight 
slopes without a berm. The influence of a berm on overtopping has been documented relatively 
accurately in, for instance, the Rock Manual (CIRIA, CUR, CETMEF, 2007). The influence of berms on 
stability of armour layers has only been studied more recently however.  

Van Gent (2013), and previously Van Gent et al (2011), conducted several studies on the influence of 
certain berm parameters on the stability of rubble-mound breakwaters. He found that a horizontal 
berm can significantly decrease the rock size in the upper slope when compared to a straight slope 
without a berm. The increase in stability of the rock on the upper slope depends on the level of the 
berm, the width of the berm, and the wave steepness. The effect of a berm is more significant for a 
steep slope than for a gentle one. (Van Gent, 2013) 

For the multi-layered, non-reshaping, statically stable berm breakwater, only a limited number of 
stones are allowed to move. This is achieved by designing for zero recession according to the 
formulae for a reshaping berm breakwater. The design damage parameter is, for the most part, only 
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the recession (supplemented with overtopping). Burcharth (2013) suggests that the front slope is 
eroded before recession takes place if the berm level is more than approximately half a significant 
wave height. 

2.6.3 VERTICAL-FRONT STRUCTURES 
Part VI, chapter 5 of the CEM (Hughes & Burcharth, 2006) presents formulae for preliminary design 
of vertical-front structures according to their loading and response. These formulae are deemed for 
use within the stated parameter limitations and consideration of the uncertainties. The magnitudes 
of wave loadings are significantly influenced by the type of wave breaking onto the wall section. 
Wave loadings on a predominantly vertical structure can be assumed to be non-breaking or 
pulsating, as deep water waves tend not to break on the wall. In the case where a toe, foundation 
mound or approach slope is present, it may force waves to break over the mound, resulting in 
impulsive wave loads on the wall, which would result in substantially larger forces. (Allsop, 2009) 

A) WAVE FORCES 
For non-breaking waves, point-pressure force reduction occurs due to the effects of the 
incident wave angle on the horizontal wave force, exerted on a caisson. This is accounted for 
in the Goda (2000) formulae for pressure distribution. Peak-delay force reduction occurs due 
to the same reason, as peak pressures do not occur simultaneously along the caisson. 

The CEM suggests a system for identifying types of horizontal wave loadings on the vertical-
front structures as proposed by McConnell by making use of a “parameter map” (McConnell, 
1999). The horizontal wave force is read from different graphs depending on dimensional 
parameters of the specific breakwater. 

Wave overtopping provides a reduction in the total force and moment on the vertical 
structure because the pressure distribution is truncated. Overtopping could however have 
an adverse effect on lee-side structures and operations and should be considered and 
investigated carefully.  

B) SLOPING-FRONT FACE 
This sloping face is implemented approximately about SWL to the crest of the vertical 
structure and is very effective in reducing large impact pressure from breaking waves. 
Additionally, it reduces horizontal force and therefore the tilting moment. These sloping-
faces are difficult to optimize where large water level variations are present and they allow 
more overtopping than a conventional vertical structure. 

C) HYDRODYNAMIC PRESSURE DISTRIBUTION 
The formulae for estimating pressure distributions and corresponding forces and 
overturning moments on vertical walls due to breaking and non-breaking waves, are highly 
dependent on the geometry of the structure. The CEM (Hughes & Burcharth, 2006, pp. VI-5-
136 to VI-5-144) therefore summarises these formulae for different cases of vertical 
breakwaters and waves.  
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D) CONCRETE CAPPING 
Wave generated forces on the concrete caps are very dependent on the characteristics of 
the waves as well as the geometry and porosity of the seaward face of the wall. 

2.6.4 DESIGN SOFTWARE 
Software can often assist the designer with certain tasks by providing tools to calculate and 
summarise various available formulae. The following two packages are examples. 

A) CRESS 
This simple online platform provides standardized routine calculations for coastal and river 
engineering under various categories such as sediment transport, geotechnics, and 
structures.  Originally developed in the Netherlands by UNESCO-IHE, CRESS (Coastal and 
River Engineering Support System) is web based, allowing unrestricted access to its 
calculators. Using the latest in design formulae and a range of input variables given by the 
user (within certain boundaries) such as significant wave height and wave period, CRESS 
calculates a set of output parameters and a graphical representation, such as armour unit 
size and weight thereof. 

B) NEURAL NETWORK TOOLS 
These tools do not contain any formulations. Neural networks are, in theory, systems that 
simulate artificial intelligence by attempting to reproduce, for instance, real measurements 
of similar conditions. These networks often involve complicated processes with several 
parameters based on a large amount of data. One particularly effective application of these 
artificial neural networks is for wave overtopping, i.e. the Overtopping Neural Network 
developed by Deltares. 

Figure 2.44 - Definitive geometry of the overtopping neural network 
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This neural network model is based on measurements of overtopping captured by 8372 
input-output combinations of small scale hydraulic tests as part of the CLASH project (“Crest 
Level Assessment of Coastal Structures by full scale monitoring, neural network prediction 
and Hazard analysis on permissible wave overtopping”). Each simulation requires the user to 
provide 15 input parameters (shown and defined in Figure 2.44) describing the wave 
conditions, structure geometry and material properties. At the click of a button the 
conditions are processed and the neural network produces a prediction for every set of 
variables. The result is the mean overtopping discharge (given in ℓ/s/m) and 7 other output 
values to indicate the uncertainty of the prediction. This specific network was trained with 
only overtopping data and no tests without any overtopping were considered. This has the 
unfortunate consequence of predicting overtopping, even in cases where none is expected. 

2.7 METOCEAN CONDITIONS 
The proposed breakwater site in Durban on the east coast of South Africa, was probably chosen 
based on the available property and not the ideal conditions. Storms on the East coast of South 
Africa are predominantly generated offshore by 3 main mechanisms:  

 Cold fronts or frontal systems: low pressure cells passing the coast from a South-westerly 
direction 

 Cut-off low (COL) systems: low pressure cell blocked by two prominent high pressure cells on 
either side, which can result in severe storms during stationary periods 

 Tropical cyclones: originate in the Indian Ocean, east of Madagascar, and occurs mostly from 
November to April 

Cold fronts are generally responsible for storms along the south-west coast of South Africa and to a 
lesser extent influence the east coast where they are responsible for relatively smaller wave heights 
and wave periods. As only seven cyclones affected the eastern parts of South Africa from 1962 to 
2005, this mechanism is rarely responsible for extreme wave conditions. Cut-off lows however are 
generally associated with large South-easterly waves with long wave periods along the KwaZulu-
Natal coast. Many of the largest wave events, including the March 2007 storm, have been attributed 
to cut-off lows. (Corbella & Stretch, 2012) 
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2.7.1 AVAILABLE DATA 
As the proposed breakwater site is located approximately 20km south of the Port of Durban the 
same sources of wave records apply. Four different sets of wave recordings instruments exist, all in 
different locations as shown in Figure 2.45 together with their respective recording periods. They 
include two Waverider buoys by Datawell, floating on the surface to record accelerations, from 
which wave heights are calculated. The other is an acoustic doppler current profiler (ADCP), which 
lies on the ocean floor and uses sonar to measure wave heights. Corbella & Stretch (2012) analysed 
these various wave data sources and found a strong correlation between the Durban Waverider and 
the Richard’s Bay Waverider, even more so than the correlation between the latter and the ADCP (as 
shown partly by the similarity of their wave roses in Figure 2.46). This was found to such an extent 
that the Richard’s Bay data was substituted for the ADCP data and used to supplement other missing 
data. Their study of these wave recordings resulted in a complete 18 year dataset. 

2.7.2 WAVE CLIMATE 
In a study on the wave climate of the KwaZulu-Natal coast, Dr Corbella and Prof Stretch used the 
dataset mentioned in subsection 2.7.1 to plot seasonal exceedance probability of significant wave 
height, maximum wave heights and peak wave periods (Corbella & Stretch, 2012). Wave parameters 
were compared over the entire dataset both annually and seasonally, yet little seasonal variation in 
wave direction was found. Autumn (defined from beginning of March to end of May) showed the 
most frequent and largest wave events, while only summer predicted as unlikely to produce either 
large or frequent wave events.  

Figure 2.45 - Map of South Africa and KwaZulu-Natal coast showing proximity of wave recording instruments
(Corbella & Stretch, 2012) 
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The average significant wave height for the entire dataset was 1.65m with an average direction of 
130° (clockwise from North). The wave roses in Figure 2.47 portray the dominant wave angle to be 
approximately south-east, which according to the authors, is consistent with the south to north 
littoral drift as expected (Corbella & Stretch, 2012). 

2.7.3 MARCH 2007 STORM 
When discussing the wave climate of the area, one always comes across the notorious March 2007 
event. This storm produced a significant wave height of 8.5m with a peak period of 16s and a 
maximum wave height of 12.4m (measured at the Richard’s Bay Waverider). It stands as the largest 
recorded wave event to date for this coastline and its destructive effects were felt at several coastal 

Figure 2.47 - Wave roses for all seasons combined and separately showing significant wave height and 
direction (Corbella & Stretch, 2012) 

Figure 2.46 - Wave roses of a) Durban Waverider; b) Durban ADCP; c) Richard's Bay Waverider for their 
respective recording periods (Corbella & Stretch, 2012) 
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Figure 2.49 - Synoptic chart of South Africa showing 
the cut-off low system which produced the March 
2007 storm (Smith, Guastella, Bundy, & Mather, 
2007) 

Figure 2.48 - Example of erosion on the KwaZulu-
Natal coast due to the March 2007 storm. Photo: D. 
Phelp (Theron & Diedericks, 2008) 

towns from Margate to Ballito (see example in Figure 2.48). The cause of its devastating effect is due 
to the storm’s very rare concurrence with the highest astronomical tide. The storm initially 
presented as a frontal low, approaching along the coast, and intensified into a cut-off low system, 
supported by strong onshore winds, created by the strong pressure gradients as shown in the 
synoptic chart of 19 March 2007 in Figure 2.49. The peak swell approached from SE to SSE, resulting 
in minimum refraction and energy dissipation, exposing the coast to the maximum force of the 
swell. (Smith, Guastella, Bundy, & Mather, 2007) 

2.8 SUMMARY 
In general, literature on breakwaters makes a distinction between rubble-mound and vertical 
breakwaters when referring to formulae, criteria, design, modelling and failures. Universal notes on 
breakwaters are hard to come by and they are often stated vaguely enough for it to be applied to 
both types of structures. This necessitates the choice between these two main types to be included 
as early as possible in the conceptual design process, or it suggests that a design of each should be 
done in parallel, up to detail design phase. Categorically, the different aspects of the preceding study 
of literature are discussed below.  

2.8.1 CHOICE OF BREAKWATER TYPE 
It is evident from literature that the choice of breakwater type is very much considered on a case-by-
case basis. Local conditions play an integral part in the decision making process. This includes 
environmental conditions, as well as material availability, technical skill and experience of 
consultants and labourers, and availability of construction equipment. 

From the study of deep water breakwaters in section 2.3 of this document, it would seem that the 
choice of breakwater could possibly be influenced by cultural persuasions. Although expectantly not 
the sole reason for the Japanese preference for vertical wall breakwaters, or the Spanish (and 
Portuguese) preference for rubble-mound breakwaters, there does seem to be a regional partiality.  

Stellenbosch University  http://scholar.sun.ac.za



Isak Wüst Literature Study December 2014 

44 
 

2.8.2 BREAKWATER DESIGN PROCESS 
From section 2.6.1 and 2.6.3 it is evident that the design formulae for rubble-mound and vertical 
breakwaters differ significantly. The collective process from concept to construction does however 
incorporate the same inputs (such as wave climate and site conditions) and methods (such as 
physical and numerical modelling). 

A rubble-mound breakwater is designed according to loading and resistance characteristics, which 
determines the structure’s hydraulic stability in severe wave conditions. This is mostly done from a 
geometrical perspective, which comfortably develops into a resulting cross-section. Much of the 
focus is on aspects relating to the armouring and the stability of the armour layer. 

Vertical breakwaters are designed according to load forces, pressures and moments, which 
determine their structural stability during wave onslaught. The problem is therefore more of a 
structural one than a hydraulic one. 

In section 2.6.4, a review of literature regarding breakwater design software was presented. From 
this review, some possibilities were identified where these software packages could solve problems 
more efficiently. The overtopping neural network of Deltares as well as Cress, although helpful, 
should be checked by the designer’s own calculations for validity before incorporating it into design. 

2.8.3 BREAKWATER EXAMPLES 
From the 11 deep water breakwater examples listed in section 2.3, some stand out as more 
prominent than others. This is often simply due to the amount of information available about them, 
and some will inevitably be disregarded due to a lack of data, for instance, about their design 
conditions. What is noticeable about others are their divergent designs, although they are based on 
similar design conditions. The breakwaters at Bilbao and Gijon in Spain, for example, have similar 
design conditions, but are two completely different breakwater types. Sines however, has one of the 
largest design waves on the list, and yet it has a relatively low crest level with a very long armour 
width. 

It is evident from the examples presented, that large (100 to 200 ton) units are common practice for 
these deep water breakwaters. Furthermore, suggesting standard cube units would be acceptable 
for a breakwater in water depths of 30m. 

Finally, it is worth noticing that of the two major breakwater failures mentioned, one was due to an 
extreme natural disaster, and the other due to inadequate structural integrity of armour units. 

2.8.4 WAVE CLIMATE 
Literature on the wave conditions causing extreme wave events all, seem to support the notion that 
the cut-off low systems are the main source of these events. Although their directions differ, the 
storms approaching the coastline perpendicular, incur the most damage, because of minimum 
energy dissipation by refraction. Publications of both Corbella & Stretch (2012) and Smith et al 
(2007) agree that a large wave event coinciding with the highest astronomical tide is extremely rare. 
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Chapter 3: DESIGN APPROACH 

The design of a deep water cross-section of the proposed breakwater will be done by 
considering aspects suggested by literature, choosing certain conditions from numerical 
modelling results, and assuming certain parameters according to the information at hand. This 
process necessitates the adoption of a designer specific approach, which would guide the 
decision making process in design formulae and eventually performance testing. The initial 
strategy (section 1.4) was chosen as a high-level methodology to design the deep water cross-
sections. This chapter will discuss these design choices and their consequences in terms of 
subsequent design issues and put forth a methodology for the design of a breakwater cross-
section based on the chosen design conditions.   

3.1 SELECTION OF BREAKWATER TYPE 
From the literature study, the most prominent design problem is the selection of breakwater type as 
discussed in section 2.5. Literature suggests that the main factors to consider during breakwater 
type selection are functional requirements, constructability aspects and cost. The functional 
requirements for this study are assumed to be that of a standard rubble-mound breakwater with no 
specific requirements for services or other features on the crown wall. Admissible overtopping rates 
will be determined by Table 2.1 from the CEM. When it comes to constructability and cost, the 
overwhelming opinion seems to be that it depends on a case-by-case basis, specifically local skills, 
experience and material availability. According to local contractors, the availability of the necessary 
material (large mass aggregate) could favour the feasibility of a rubble-mound breakwater over a 
vertical breakwater (Theron F. , 2014). According to experts at the eThekwini Municipality (Vella, 
Brahmin, & Held, 2014) in Durban, large rock of approximately 6 tons can be sourced from the 
nearby Lafarge Ridgeview quarry (shown in Figure 3.1). Provided that required rock sizes are found 
to be smaller than 6 tons during design, a rubble mound breakwater would be more feasible. The 
scope of this study does not include a full cost analysis, but rather only a sensitivity towards which 
option could be cheaper, based on literature 
and expert opinions. Literature does not 
provide a clear, objective answer and 
suggests that the choice of breakwater type 
depends on the circumstances and 
conditions of the project. Standard 
procedure in practise is to design various 
options in parallel. The author also has to 
consider the available laboratory testing 
equipment and expertise, as well as a 
limited timeframe and budget.  

On the inclusion of a berm – theoretically a 
berm decreases the required crest height of 
a breakwater by breaking incoming waves, 
but at the cost of a gentler slope and a wide 

Figure 3.1 - Map showing proximity of quarry to proposed 
DDOP site 
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berm structure. A berm therefore uses extra material and needs to compensate for this cost by 
drastically increasing hydraulic stability, using smaller (cheaper) units, in order to be considered 
feasible. Also, with the inclusion of a berm, comes the added complication of designing with a 
reshaping slope. As these structures tend to be massive (and therefore expensive), the inclusion of a 
berm is disregarded as a possible feasible breakwater option.  

Based on all the information mentioned above, a rubble-mound breakwater could prove feasible, 
testable, and was therefore designed for this study. The design followed the deterministic 
procedures put forth in literature as investigated in section 2.6.1, based on conditions discussed in 
section 3.2. 

3.1.1 SELECTION OF ARMOUR UNIT TYPE 
The selection of a rubble-mound breakwater type for this study implies the selection of subsequent 
design criteria pertaining to the armour layer. If only for the mere quantity of literature on the 
subject, it is clear that the armour layer and all its attributes are critical elements in the design of 
rubble-mound breakwaters. Although armour layer stability is dependent on many variables, the 
armour unit type is the most influential factor. 

On the choice of armour unit type in this study, the theory of Burcharth (1983) is adopted whereby 
slender and interlocking units with high layer permeability do not provide sufficient hydraulic 
stability for long period swell wave attack. Long period swell waves have a very high probability of 
occurring in the design life of this structure. This limits the design to massive-type units. 
Furthermore, although the standard cube is considered adequate for these conditions according to 
literature, the advantages proposed by the Cubipod could increase the feasibility of the proposed 
design. To lessen concrete consumption and save on construction cost (due to smaller units), the 
Cubipod will be tested in various packing densities and layer configurations. 

3.2 DESIGN METHODOLOGY 

3.2.1 APPROACH TO STABILITY 
The stability of a rubble-mound breakwater is generally determined by the armour layer and its 
characteristics (i.e. unit type, unit size, and layering). Also, the overall geometry (i.e. slope, and crest 
height) of the breakwater is critical to the performance of the armour layer. The design of a deep 
water cross-section was based on the deterministic methods of rubble-mound breakwaters as 
described in subsection 2.6.1. 

Armour unit mass and size was determined by the appropriate formula for Cubipods. The stability 
coefficient (퐾 ) values for single- and double layer Cubipods on a breakwater trunk were 
implemented for comparison. Similarly, the breakwater slope was determined, based on what is 
appropriate for the chosen armour unit. Furthermore, rock mass and size for subsequent 
underlayers was determined, based on the standard one-tenth ratio as discussed in subsection 2.6.1. 

The stability of the rear armouring is directly influenced by overtopping waves. This is considered 
under the subtitle of ‘functionality’ of the breakwater. The initial type, size, and mass of the armour 
units on the rear slope, will be the same as that of the front slope. 
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Formulae used in deterministic methods of estimating breakwater stability, do not specifically 
account for variables in the armour layer such as packing density. This parameter is therefore varied 
in model testing, subsequent to the design of a cross-section. 

3.2.2 APPROACH TO FUNCTIONALITY 
The functional requirements of this breakwater are discussed in subsection 3.3.1, which determined 
that overtopping is the critical parameter. Literature on overtopping prediction presents various 
models, but none were exactly similar to the conditions of this study. This identifies a gap in 
literature on overtopping formulae for deep water rubble-mound breakwaters with various 
armouring configurations and it necessitates the testing of this parameter with a physical model. The 
Overtopping Neural Network Tool by Deltares (Van Gent, Van den Boogaard, Pozueta, & Medina, 
2007) does provide a seemingly more comprehensive prediction of expected overtopping as it is 
based on actual model tests. This tool also allows for large quantities of data to be processed at 
once, to show trends and comparisons of several variables. The approach to designing a breakwater 
with the least amount of overtopping will be done according to the following process, with inputs as 
stated: 

1. CEM Table on admissible overtopping (summarised in Table 2.1 of this document): This 
source was used to determine overtopping limits/requirements of the structure. 

2. Overtopping discharge rate formula by Pederson (1996) (in section 2.6.1 B of this document) 
using interpolated coefficient values: This formula was implemented to determine the 
required crest height for a given admissible overtopping discharge. 

3. Neural Network Overtopping predictor: By varying all parameters, this tool was used to 
identify and optimise parameters which could minimise overtopping without compromising 
severe material quantities. 

3.2.3 EXPERIMENTAL DESIGN APPROACH 
Based on shortcomings of the deterministic design (i.e. formulae not accounting for certain factors), 
a hypothesis was formulated to further improve on the chosen design. The hypothesis puts forward 
one or more parameters which can increase the feasibility of the breakwater. These parameters 
must be varied to determine the optimal armouring configuration.  

The chosen cross-sectional concept design was therefore subjected to physical model tests to 
measure the stability and functionality of this concept. The parameters suggested by the hypothesis 
were then varied in consecutive tests. Other parameters were also changed based on the findings of 
the test results. After analysing comparative results of these tests, the optimal configuration, which 
adheres to the requirements of stability and functionality, was revealed.  

3.3 DESIGN CONDITIONS 

3.3.1 FUNCTIONAL REQUIREMENTS 
Using encounter probability theory, the chance of a wave, with a one in 100 year return period, 
occurring within 25 years of the lifetime of the structure is 22%. This level of risk is deemed 
acceptable, as it is associated with failure which is not catastrophic (relative damage, i.e. rocking 
units). The service lifetime of the structure is thus chosen at 100 years. The requirements stated are 
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intended to be constant over this period or specified for a certain wave loading, according to its 
corresponding return period. 

No traffic (pedestrian or vehicular) need to be accounted for in the design of the crown wall or 
overtopping limitations. The only consideration should be for construction equipment and 
accessibility to a lighthouse on the roundhead of the breakwater in tranquil conditions. 

In Table 2.1 (page 35), appropriate criteria similar to the design conditions of this study are not given 
(no breakwater section under structural safety), which allows for interpretation of safe overtopping 
discharges. No buildings, promenade, or civilian infrastructure of any kind is present on top of or 
even directly behind the breakwater, thus high levels of overtopping can be accommodated as long 
as the structural integrity of the components of the breakwater are intact. A preliminary limit of 200 
ℓ/s is prescribed in a 100 year storm event, as long as failure or complete destruction of the 
structure does not occur. This necessitates the measuring of rear slope stability during testing. 

3.3.2 WAVE SPECTRUM 
To most accurately resemble the wave conditions offshore from the proposed DDOP site, irregular 
waves will be generated in the physical model. These irregular waves will be generated with a 
JONSWAP spectrum as recommended by Rossouw (1989) and the CSIR (Rossouw M. , 2014). This 
spectrum is based on North Sea conditions where the spectra have an average enhancement factor 
(훾) of 3.3. On the South African coast this peak enhancement factor varies between 1 and 6, with an 
average of 2.2 (Rossouw J. , 1989). However, the default value of 3.3 will be used as this coincides 
with other similar studies and it makes the results more universally comparable. 

3.3.3 WATER LEVEL 
The design water level will be the same as described for the numerical model, whereby the still 
water level (SWL) is defined as the mean high water spring (MHWS) tide level, plus additional 
allowances for sea level rise and storm surge. This design level was chosen at 3.3m above Chart 
Datum (discussed later in subsection 4.3.2). 

3.3.4 WAVE PARAMETERS 
A 1:100 wave height and peak wave period was chosen as the main input to the design. These will 
henceforth be referred to as the design wave height and design wave period and have chosen values 
of 10.5m and 15s respectively. These values correspond to a wave length of 351.17m as conditions 
are equivalent to those at the front of the breakwater toe, which is by definition in deep water. This 
design wave height, -period, and -length were used to calculate the following wave parameter 
values: 
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Table 3.1 - Wave parameters 

  Parameter Symbol Value Unit 

     Input       
  Significant wave height Hs,toe 10.5 m 
  Peak wave period Tp 15 s 

Wave heights       
  2% exceedance wave height H2% 14.7 m 
  Maximum wave height Hmax 19.53 m 

Peak waves       
  Deep water wave length (peak) Lp 351.17 m 
  Wave steepness (peak) sp 0.0299   
  Surf similarity (peak) ξp 3.855   

Mean waves       
  Mean wave period Tm 13.05 s 
  Deep water wave length (mean) Lm 351.17 m 
  Wave steepness (mean) sm 0.0299   
  Surf similarity (mean) ξm 3.855   
  Surf similarity (mean critical) ξmc 4.182   

Spectral waves       
  Spectral wave period  Tm-1.0 16.5 s 
  Spectral wave length Lm-1.0 424.92 m 
  Spectral wave steepness sm-1.0 0.0247   
  Spectral surf similarity ξm-1.0 4.241   
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Chapter 4: NUMERICAL MODELLING 

A numerical wave model was implemented to transform a long-term wave dataset onto the 
proposed breakwater site. Model output was then extracted from the model to determine the 
wave climate nearshore for use in design. Various sources of data and software packages were 
used during the modelling process. The following chapter describes this process of building 
and running the model as well as interpreting its results for use in design. The method of 
implementing the numerical model is chosen based on its moderate computational intensity 
and it is discussed as such at the end of this chapter. 

4.1 MODELLING APPROACH 
Primarily, a numerical model was implemented to estimate a nearshore wave climate (significant 
wave height, peak wave period, and wave direction) adjacent to the proposed breakwater site. This 
would serve as the intended model output, and as the proposed site as the position of data 
extraction. A long-term wave dataset was available at an offshore position. As wave model runs are 
computationally intensive, the entire dataset could not be run in the model. Instead, the dataset was 
reduced by means of an extreme value analysis (EVA) to obtain relevant input conditions. By 
simulating several physical processes, the model then computes the transmission of these waves 
ashore and to a specific point of data extraction. The model did not include explicit wind generation. 
Additionally, data as mentioned in literature in subsection 2.7.1, was used supplementary to 
determine the dominant wave direction of extreme wave events. 

4.2 MODEL BUILD 

4.2.1 BATHYMETRY 
Bathymetry data of the area of interest was kindly provided by the South African Navy Hydrographic 
Office (SANHO, 2013). Data was provided in digital vector format and admiralty charts of passage 
soundings and bathymetry, all relative to Chart Datum (lowest astronomical tide). Using Surfer, the 
different data sources were superimposed and fed into one file for grid selection. Table 4.1 provides 
a summary of the data sources used in creating the bathymetry of the model. 
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Table 4.1 - Summary of sources of bathymetry 

Shapefile name Source Type Description 

    AFC 18_soundg_P SANHO Points Nearshore: Aliwal shoal to Port of Durban 
AFC 19_soundg_P SANHO Points Nearshore: Port Shepstone to Ifafa beach 
FC 106_soundg_P SANHO Points Nearshore: at proposed DDOP site 
fc165_soundg_P SANHO Points Nearshore: Port of Durban 
ZA300100_BATHY_soundg_P SANHO Points Offshore: SAN Chart 80 depth soundings 
ZA300100_BATHY_coalne_L SANHO Lines Contour: Coastline 
ZA300100_BATHY_depcnt_L SANHO Lines Offshore: 100m depth contours 
ZA300100_BATHY_slcons_L SANHO Lines Contour: Port of Durban internal limits 
Topography SAN 60 Chart Land based topography of Durban 

    The model comprises four computational grids – a coarse, medium, fine, and detailed grid. The first 
(coarse) grid includes the offshore wave data point and the last (detailed) grid focussed on the 
proposed DDOP site. Grid dimensions and sizes were determined in such a way that the dominant 
physical processes could be well resolved in the SWAN model. This grid setup is summarised in Table 
4.2 below. 

Table 4.2 - Summary of computational grid sizes 

Grid 
no. Description Resolution 

Spacing Max 
depth 

contour [m] 

     1 Coarse 450x320 500 3000m 
2 Medium 400x400 250 2500m 
3 Fine 500x500 100 600m 
4 Detailed 500x500 20 200m 

     Superimposed, all four grids can be visualised as presented in Figure 4.2. Their increasing level of 
detail is clearly shown. Note that 1000m contours are shown in orange, 500m contours in yellow, 
100m contours in purple, and 50m contours in green, in grids 1 to 4 respectively. 

4.2.2 WAVE DATASET 
Data was sourced from the United States National Centres for Environmental Predictions (NCEP). 
NCEP is an arm of the National Oceanic and Atmospheric Administration’s (NOAA’s) National 
Weather Service (NWS) and runs a global numerical climate model called WAVEWATCH III (WWIII). 
This third generation wave model solves the random phase action density balance equation for 
wave-direction spectra. 

A field output of WWIII’s 30 arc-minute global grid was extracted for the period from January 1st 
1997 to December 31st 2010 which presents monthly, in grib file format. Three hourly wave data, 
including significant wave height, peak wave period and wave direction was used. The extracted data 
was processed to obtain a 13 year wave dataset at an offshore point: 31°S 32.5°E. This point is 
situated approximately 180km offshore from the breakwater where the depth is roughly 3000m 
(positioned at the bottom right of the map in Figure 4.2).  
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Figure 4.2 - Grids 1 to 4 superimposed 

Figure 4.1 - Time series of wave heights for the 13 year dataset 
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4.2.3 EXTREME VALUE ANALYSIS (EVA) 
To evaluate the risk of extreme events and the magnitude of storms with certain return periods, a 
parametric frequency analysis approach is adopted with an extreme value model using the EVA 
toolbox in DHI’s (Danish Hydraulic Institute’s) MIKE Zero software package. The concept is to fit a 
theoretical probability distribution to the data and extrapolate to the event of interest, thereby 
determining the average recurrence interval of extreme events and the corresponding exceedance 
magnitude. 

This extreme value series is extracted from the 13 year wave dataset shown in Figure 4.1 by means 
of a partial duration series (PDS) model. The Type I sampling method was chosen whereby a fixed 
threshold level is set (at 6.8m) and a corresponding number of exceedances are calculated. A 3-
parameter Weibull distribution was fitted to the extracted extreme value series, which resulted in 
the probability plot shown in Figure 4.3. 

The resulting significant wave heights in deep water deducted from this analysis, as determined 
from the probability plot, are as follows: 

Table 4.3 - Resultant significant wave heights from EVA 

Return period 1 25 50 100 
Significant wave height [m] 8.15 10.30 10.80 11.24 

    

4.3 SWAN MODELLING 

4.3.1 MODEL DESCRIPTION 
The wave model used in this study is an open-source, third-generation numerical wave 
transformation model called SWAN (Simulating WAves Nearshore). It was developed at the Delft 
University of Technology to compute random, short-crested, wind-generated waves in coastal 
regions and inland waters. (Booij, Ris, & Holthuijsen, 1999) 

Figure 4.3 - Probability plot of extreme value analysis according to a 3-parameter Weibull distribution 
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SWAN uses implicit numerical schemes to solve wave energy balance equations. This is done at 
every grid point and for every time step in the model. This computational grid is a digital version of 
the geographical space it represents. Its dimensions are critical to resolve the physical processes 
within the model and therefore nested grids are often used to progressively increase the resolution. 
Three nested grids were used in this study to get the desired resolution in the final (detailed) grid. 

As waves are not resolved individually, various parameters describing a wave spectrum are specified 
on the model boundaries, i.e. boundary conditions. The model is set up to process this spectral 
energy according to different generation, dissipation and transformation processes, each with their 
own set of variables. The following physical processes were included in the SWAN model of this 
study: 

 Wave propagation in time and space, shoaling, refraction due to depth  
 Frequency shifting due to non-stationary depth 
 Three- and four-wave interactions 
 Whitecapping, bottom friction and depth-induced breaking 
 Wave-induced set-up 

Although the model is subjected to directional spreading, it is described as an evolving unidirectional 
sea-state. This is partly due to the shape of the JONSWAP spectrum, which was implemented for all 
wave conditions. One- and two-dimensional spectral output is then available for extraction in 
various forms at user-specified locations. 

4.3.2 INPUT CONDITIONS 

A) WATER LEVEL 
The water level at the proposed breakwater site can be influenced by factors related to climate 
change (sea level rise, increased storm surge), meteorology (wind, storm surge) and astronomy 
(tidal levels). These factors will be accounted for in this numerical model as well as in the 
subsequent design of the structure to mitigate their effects on overtopping and other wave-
structure interactions.  

The Hydrographic Office of the South African Navy provides astronomical tide predictions based 
on historical data for most of the country’s coastline. The astronomical tidal levels for Durban 
with reference to Chart Datum are presented in Table 4.4; also including Land Levelling Datum 
(LLD) which is used for topographical surveys. 
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Table 4.4 - Tidal levels and LLD for Durban with reference to Chart Datum (SANHO, 2013) 

Tide level Height [m] 

  HAT 2.300 
MHWS 2.010 
MHWN 1.360 

ML 1.110 
LLD 0.913 

MLWN 0.870 
MLWS 0.210 

LAT 0.000 

  Mean High Water Springs (MHWS) has been chosen as the design tidal level for this study. As the 
Highest Astronomical Tide (HAT) only occurs every 18.61 years, assuming an extreme storm 
event would occur simultaneously with this tide is deemed too conservative and would lead to 
over-design of the structure. This is supported by Corbella & Stretch (2012). 

The Intergovernmental Panel on Climate Change (IPCC) is generally regarded as the primary 
source and reference for global sea level rise predictions and will thus be incorporated as the 
basis for such predictions in this study. In their Assessment Report (AR), the IPCC adopts 
Representative Concentration Pathways (RCPs) to describe possible future climate scenarios 
based on greenhouse gas concentration trajectories. The most recent report is the AR5 (IPCC, 
2013), wherein it states that “by the end of the 21st century, it is very likely that sea level will rise 
in more than about 95% of the ocean area”. Global mean sea level rise (GMSLR) is primarily 
caused by an increase in ocean volume and an increase in ocean mass, due to lower seawater 
density (warmer ocean temperatures and decreased salinity, i.e. thermal expansion) and 
redistribution of fresh water to the oceans (melted water from large land-based masses of water 
such as glaciers and ice sheets) respectively. (IPCC, 2013) 

Figure 4.4 - (left) Paleo sea level data, tide gauge data, altimeter data and central estimates with projections of 
GMSLR (IPCC, 2013) 

Figure 4.5 - (right) Predictions of GMSLR over the 21st century for RCP2.6 and RCP8.5 (IPCC, 2013) 
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Figure 4.5 shows the likely ranges as shaded bands for the best and worst case RCPs as well as 
the data on which it is based (Figure 4.4). These predictions range from approximately 0.3 to 1.0 
meter of sea level rise towards the end of the 21st century. The upper bound predictions (highest 
for RCP8.5 range) serve as the basis for design in this study. To be conservative within reason, it 
is assumed unlikely that the 1 in 100 year extreme storm event occurs exactly 100 years from 
now, thereby coinciding with the sea level rise prediction of 2114. Instead, the prediction for sea 
level rise in 70 years from now will be used. Accordingly, an interpolated sea level rise value of 
0.54m was used.  

Storm surge is primarily composed of wind setup and surge due to a lower local air pressure. The 
standard approach to determine storm surge is to analyse the tide records for the site and 
compare them to astronomical tide predictions. The difference between these two values is 
then assumed to be the storm surge. This was done for the period from 1972 to 2001 and 
subsequently published and adapted to account for climate change by ZAA Engineering Projects 
and Naval Architecture in their FEL 3 Feasibility Study for the deepening of Berths 203 to 205 at 
the Port of Durban (ZAA, 2014). The residual storm surge setup value, 0.69m, was increased by 
10%, based on a weighted calculation for climate change effects (other than sea level rise), 
resulting in a value of 0.76m for the design storm surge. This value will be used in both the 
numerical model as well as the subsequent design of the structure. 

The resultant still water level (SWL) adopted in this study is summarised as follows: 

Table 4.5 - Components of design still water level with reference to Chart Datum 

MHWS SLR Surge SWL 
+2.01m +0.54m +0.76m +3.31m 

B) WAVE CLIMATE 
Significant wave heights predicted by the probability plot of the extreme value analysis as 
summarised in Table 4.3 serve as input to the numerical model of this study. The corresponding 
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Figure 4.6 - Plot of significant wave height and the square of the peak wave period for 
hindcast dataset showing linear trend 
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peak wave periods were determined by plotting the significant wave heights to the square of the 
peak wave periods for the entire hindcast dataset and fitting a linear trend to the data as shown 
in Figure 4.6. This results in the following set of input wave conditions: 

Table 4.6 - Significant wave height and peak wave period inputs to numerical model 

Condition Cond001 Cond025 Cond050 Cond100 
Return period [years] 1 25 50 100 
Significant wave height [m] 8.15 10.30 10.80 11.24 
Peak wave period [s] 13.83 15.01 15.27 15.49 

     A wave rose of the hindcast wave dataset is shown in Figure 4.7 showing the correlation of both 
significant wave height and peak period to wave direction. It indicates waves coming 
predominantly from a South-westerly direction with much smaller components from the East 
and North-Northeast at this offshore location. 

4.3.3 MODEL CALIBRATION 
As discussed in the literature study, subsection 2.7.2, an 18 year dataset was analysed to 
produce the nearshore wave rose presented in Figure 4.8. A comparison of this dataset to the 
offshore dataset shows a clear difference in dominant wave direction.  

Figure 4.7 – (top) Wave roses of significant wave 
height (top left) and peak wave period (top right) 
according to offshore NCEP data analysis 

Figure 4.8 - (bottom left) Wave rose of significant 
wave height from 18 year dataset of nearshore wave 
recordings (Corbella & Stretch, 2012) 
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4.4 RESULTS 
The required model output is wave conditions at the proposed breakwater site which corresponds to 
extreme values expected for storm conditions nearshore. Using the values as stated, the wave 
climates shown in Table 4.7 resulted at a nearshore location adjacent to the proposed breakwater 
site. The author defined a coefficient of dissipation (퐶 ) to illustrate the amount of reduction in 
significant wave height from offshore to nearshore. Note that 푄  is a fraction of breaking waves due 
to depth-induced breaking, and the coefficient of dissipation is defined in equation 18 as follows: 

 퐶 = 1 −
퐻 ,

퐻 ,
 (18) 

   Table 4.7 - Results of numerical wave model showing nearshore wave climate 

Condition Hs Tp β  Setup  Qb Cd 

       Cond001 6.46 13.72 142.73 -0.0168 0.00 0.21 
Cond025 8.00 14.87 142.67 -0.0281 0.00 0.22 
Cond050 8.33 15.10 142.67 -0.0309 0.00 0.23 
Cond100 8.66 15.50 142.66 -0.0339 0.00 0.23 

       Significant wave heights ranged from 6.46m to 8.66m with peak periods ranging from 13.72s to 
15.5s. As expected, no wave breaking was present at the point of extraction for the modelled waves 
due to it being situated in deep water as shown with the zero values for 푄 . 

4.5 DISCUSSION 
In this study, the numerical model was implemented to simulate the transformation of offshore 
extreme wave conditions to a nearshore location at Durban. This method of deriving nearshore 
extreme wave estimates was chosen for its computational simplicity and proved efficient in 
producing detailed results. By only modelling the transformation of individual offshore extreme 
events, this method disregards the contribution of other wave conditions, when deriving the 
nearshore extremes within a given nearshore direction sector. This schematisation of the nearshore 
extreme events may lead to false representation of the nearshore wave extremes within critical 
direction sectors.  

As the nearshore condition, produced by numerical modelling, would be adopted as input to the 
physical model, the accuracy thereof is critical to designing a feasible breakwater. In order to verify 
the accurate representation of extreme events nearshore, the results produced by the numerical 
model were compared to an alternative method of deriving nearshore wave extreme conditions 
with offshore data.  

The alternative approach is one which is computationally more intensive and thus requires more 
time. This method is based on the same numerical model as used in this study, and would 
incorporate the same hindcast data (provided by NCEP). However, instead of an extreme value 
analysis of offshore data, a representative wave climate is constructed offshore. This wave climate is 
created by grouping the hindcast data into bins for different combinations of wave direction, -height 
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and -period. By using the average wave condition for each bin, the percentage of occurrence can be 
calculated and bins with higher percentage of occurrence are given higher resolutions (smaller bin 
sizes). These conditions (wave height, direction and period combinations) then form the model input 
to be transformed onto the nearshore. 

Once the resultant nearshore waves are extracted from the numerical model, a refraction coefficient 
is determined for each of the offshore conditions modelled. Interpolated refraction coefficients are 
then applied for all time steps of the hindcast data, based on the representative runs. This allows the 
modeller to have a simulated time series, equal in length to that of the hindcast data (which is 
typically in the order of 10 or 20 years) at the point of extraction nearshore. An extreme value 
analysis is then applied to this simulated nearshore data to determine the values for a range of 
directional sectors and return periods. 

For comparison, two examples where this alternative method was implemented for the conditions 
at Durban, is published in studies by Corbella & Stretch (2012) as well as a by Setaka (2011). The 
results of these numerical models were adapted for comparison and presented in Table 4.8. 

Table 4.8 - Nearshore wave climate results of other studies 

Source Location Parameter 
Return period 

1 25 50 100 
       

Se
ta

ka
 

(2
01

1)
 

Ri
ch

ar
ds

 B
ay

 

Significant wave height [m] 4.30 6.20 7.10 9.70 

Peak wave period [s] 11.41 12.66 13.21 14.69 

Co
rb

el
la

 &
  

St
re

tc
h 

(2
01

2)
 

Du
rb

an
 B

lu
ff Significant wave height [m] 2.70 7.40 8.60 10.20 

Peak wave period [s] 10.24 13.39 14.08 14.95 

       Compared to the results of the applied method of this study, the alternative approach produces a far 
greater range of extreme wave conditions. This is considered a consequence of the modelling 
approach and not due to inaccuracies of the applied method of numerical modelling. Several 
possibilities are suggested for the discrepancies in wave conditions produced. 

The applied method did not account for winds at the offshore location, or indeed during the wave 
transmission, which could support or antagonise the wave condition as it approaches the shore. It is 
the opinion of the author that this limited the range of nearshore wave conditions to a narrow band 
of significant wave heights and -periods. Furthermore, the dataset of Corbella & Stretch was 
compiled using Waverider data, which is measured every 30 minutes, and as such would be able to 
describe a storm event in more detail than data collected at 3 hour intervals, such as the NCEP data.  
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The results produced by the alternative method are therefore considered a better description of the 
extreme events nearshore, due to the range of wave conditions they represent. Thus, the results of 
the alternative method were adopted to determine input conditions for the physical model. Based 
on the 1, 25, 50, and a 100 year return periods, wave runs were compiled for the physical model 
study. The wave condition associated with the 100 year event was used as the design wave 
condition. 
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Chapter 5: DESIGN 

The design of a deep water trunk section of the proposed main breakwater will follow 
deterministic methods as described in subsection 2.6.1 of the literature study. The design 
approach of the previous chapter will guide decision making during the implementation of the 
empirical formulae. The main focus of this chapter is to design for stability and functionality of 
the proposed breakwater. This results in a cross-sectional design, to be used in the physical 
model study. 

5.1 STABILITY 

5.1.1 ARMOUR UNIT SIZE 
To validate the necessity of concrete armour units, the size of rock required if no concrete armour 
units were employed, was first established. These values were then compared to that of an 
equivalent concrete cube. This was done with Van der Meer’s formulae (Van der Meer, 1988) for 
double-layer rock and concrete cubes respectively, as described in the literature study (subsection 
2.6.1). These nominal diameters were then converted to masses by inversely using Allsop’s equation 
whereby 푀 = 휌 ⋅ 퐷  (Allsop, 2009). 

푀 = 312	027	푘푔										퐷 , = 4.93	푚 
푀 = 64	095	푘푔																퐷 , = 2.99	푚 

As this size of rock is not readily available, especially not in large quantities as will be required, and 
an equivalently stable concrete cube is much smaller, it is safe to assume that concrete armour units 
will be necessary for the armour layer of this breakwater. The required Cubipod size was determined 
by using the appropriate 퐾  values in the Hudson formula (SPM, 1984), as described in the literature 
study (subsection 2.6.1). 

퐷표푢푏푙푒	푙푎푦푒푟	(퐾 = 28):					푀 = 27	403	푘푔					퐷 , = 2.28	푚 
푆푖푛푔푙푒	푙푎푦푒푟	(퐾 = 12):					푀 = 63	940	푘푔					퐷 , = 2.99	푚 

These values seem to suggest a double-layer of cubes will be as stable as the same size of single-
layer Cubipods. And that a double-layer of Cubipods would be stable with a unit size approximately 
half that of a cube. No conclusive literature was found on rear slope stability and therefore, a 
preliminary estimate determines that the same units be used on the rear slope as on the front, but 
only to a depth of 1 ∗ 퐻  (i.e. approximately 10.5m). Ad hoc changes can be made during testing, 
following results from model tests. 

5.1.2 BREAKWATER SLOPE 
Although Cubipods are recommended to be placed on slopes from 1:1.5 to 1:2, a gentler slope 
would show only slight improvements in stability. Therefore, Medina recommended a 1:1.5 slope for 
“economic and logistical reasons” (Medina, 2014). A gentler slope would create a significant increase 
in cross-sectional area, which directly increases the amount of material required, thus making the 
breakwater more expensive. 
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5.1.3 RUBBLE MOUND 
The mass of rock required for the underlayer and filter layer, was calculated based on armour unit 
mass ratios, whereby the required mass is reduced by a factor of 10 for each layer. This ratio is 
generally recommended (CIRIA, CUR, CETMEF, 2007) (SPM, 1984) to minimise the rock mass, whilst 
ensuring that the underlying rock doesn’t wash through the pores and cavities of the layer above – it 
ensures a stable underlayer to support the armour layer. This resulted in an underlayer with a rock 
grading of 5000-7000kg, and a filter layer with a rock grading of 500-700kg. The core is specified at 
50-250kg rock. 

5.2 FUNCTIONALITY 

5.2.1 OVERTOPPING 
Breakwaters are considered overtopped when the run-up level exceeds the crest level. The crest 
level therefore needs to be high enough to prevent excess overtopping. In contrast to this, the crest 
height also needs to be as low as possible to save on material and cost. A feasible crest height is 
therefore one which protects the breakwater from being overtopped as much as possible whilst 
using the least amount of material.  

In order to find a balance between overtopping and crest height, an admissible overtopping 
discharge was chosen (200ℓ/s/m). To calculate the required crest height for the chosen discharge 
rate, the design equation for overtopping discharge by Pedersen (1996) was implemented. The 
conditions of this formula best suited the conditions of this study when compared to other 
overtopping formulae. The formula was also versatile in that it incorporated geometric parameters. 
Using armour crest and armour width values as stated, the calculated required crest height value for 
the chosen overtopping discharge is: 

퐴 = 9.2	푚										퐺 = 10	푚										푅 = 11.2	푚 

The Overtopping Neural Network – in particular the predictor application of Verhaeghe (2003) – was 
used to test various scenarios of rubble-mound structures. The predictor application serves only as 
an input mechanism, and output generator, by means of a Matlab script. The aim of using this tool 
was not to derive exact overtopping rates, but rather to get an indication of which variables are the 
most influential. The findings are presented in Table 5.1. Note that parameter symbols correlate 
with those shown in Figure 2.44 for the Overtopping Neural Network. 
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Table 5.1 - Overtopping Neural Network summary, including findings 

Test Description Variables Findings 

    
1 

Varying armour levels and 
widths, specifically compared 
with crest heights 

Rc , Ac , Gc 
⇒ Gc optimal at 2 armour units 
⇒ Ac optimal when Ac>Rc 
⇒ As Rc increases, influence of Ac diminishes 

2 
Varying toe dimensions, 
specifically comparing depth of 
toe to recommended depth 

Rc , ht , Bt 

⇒ Recommended ht results in second highest 
overtopping 
⇒ Higher toe gives lower overtopping when compared 
to recommended value 
⇒ Increased width of toe decreases overtopping 
⇒ Influence of toe diminishes as Rc increases 

3 
Varying berm dimensions up to 
SWL (no emerged berm) 

Rc , hb , Bh 

⇒ Longer/Wider berm results in lower overtopping 
⇒ Decrease in overtopping is less pronounced with 
wider berm 
⇒ If berm is deeper than Hs, errors occur - no result 
⇒ Shallower berm results in lower overtopping 

4 
Varying berm dimensions to 
include emerged berm, and 
roughness reduction factor 

Rc , hb , Bh ,γf 

⇒ Lower γf result in lower overtopping 
⇒ Influence of berm length diminishes with lower γf 
⇒ For cases with high crest levels (above 15m), a 
submerged berm results in lower overtopping 

    
One major shortcoming of this tool is its inability to properly account for different armour units. The 
only way in which to compensate therefor is the roughness reduction factor, 훾 . Limited data is 
available for this factor and only 3 were used: 훾 = 0.4 for berm breakwaters, 훾 = 0.47 for double-
layer cubes or Antifers, 훾 = 0.5 for single-layer cubes. 

5.2.2 CREST & CROWN WALL 
Although the Neural Network analysis showed slightly lower overtopping discharges when the level 
of armouring is above the crown wall crest, this requires a lot more armour units. Instead, a lower 
armour level was used in conjunction with a parapet wall on the crown wall structure, to increase 
the crest height to the design minimum without the use of armour units. The armouring crest width 
will be kept to a minimum of two armour units as the Neural Network analysis confirmed this as 
producing the lowest overtopping. 

To prevent failure of the crown wall due to sliding or overturning, the concrete superstructure 
implements a core-penetrating skirt on both ends of the capping. This improves the frictional 
resistance of the superstructure by forcing the slip failure surface to go through the rubble mound. 
The vertical front wall extends to the design crest height to prevent the largest waves from 
overtopping. 
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5.3 DESIGN OUTCOME 
The simplest version of a rubble-mound breakwater, with the smallest cross-sectional area, was 
taken as the starting point to this concept design – minimum slope, lowest crest level, and smallest 
units. Changes to this simple cross-section were then implemented according to the design 
approach. Where applicable, design formulae were implemented to optimise design dimensions for 
the breakwater to meet its requirements in the most feasible way possible. Using all the given 
information, output values from formulae, and limitations, the following cross-sectional design was 
chosen for the first model, named “RMB 1” (Figure 5.1). 

 

Based on results of the first three test series, the design of the rebuilt breakwater for test series 4 to 
7 was adapted. To limit overtopping, a higher armour level was chosen, as well as a higher parapet 
wall, which resulted in a higher overall crest level. The crown wall structure was also redesigned to 
better cope with the overtopped waves. Finally, the size of Cubipods on both the front and rear 
slope were reduced to 40 tons. The outcome of the second model, named “RMB 2”, is shown in 
Figure 5.2. Note that no packing density values of the armour layer is specified for either cross-
section, as the design is only geometrical at this point.  

Figure 5.1 - Cross-section of RMB 1 

퐴 = 10.5푚 

퐺 = 10.0푚 

푅 = 11.2푚 

Figure 5.2 - Cross-section of RMB 2 

퐴 = 12.0푚 

퐺 = 10.0푚 

푅 = 14.0푚 
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Chapter 6: PHYSICAL MODELLING 

Physical modelling was essential to test the performance of the chosen breakwater design. 
This would entail building the design to scale in a laboratory environment and loading it with 
wave conditions to determine its hydraulic responses and operational capabilities. Although 
formulae could predict its performance capabilities, a physical model would more accurately 
account for small variations in the structure and conditions, resulting in a more detailed and 
robust design. The setup, procedures and outcomes of the physical model study are presented 
in this chapter. 

6.1 EXPERIMENTAL DESIGN 

6.1.1 SCOPE 
Literature indicated that a physical model is necessary to validate certain aspects of a design. 
Hydraulic stability and performance during overtopping were identified as the critical aspects to 
investigate. Therefore, a physical model study was undertaken to examine the hydraulic stability and 
operational performance of a deep water trunk section of the proposed main breakwater, 
experimenting with different armour layer configurations. This is done by setting up a fixed-bed, two 
dimensional physical model of the chosen design cross-section with different armour layer 
configurations. Specifically, hydraulic stability would be tested, by quantifying movement of armour 
units. Operational performance would be tested by measuring overtopping volumes, wave 
reflections, and wave transmission. 

6.1.2 HYPOTHESIS 
From design guidelines, the chosen design cross-section is expected to be hydraulically stable and 
within the limits of the operational performance. They are however based on recommended values 
of design and have certain safety factors factored in. In terms of the size and mass of Cubipod 
armour units, for instance, its determining formula has no input regarding packing density, but 
rather assumes the recommended values of Φ = 0.59 and Φ = 1.16 for single- and double layer 
respectively (Medina, 2014). These values are conservative and could be considered overestimated.   

It is therefore hypothesised that a packing density lower than recommended will still be hydraulically 
stable and will have little influence on the operational performance of the breakwater structure. A 
lower packing density is expected to show more movement, but the unit was chosen to 
accommodate this movement and should therefore not compromise the structural stability of a 
single unit and thus the hydraulic stability of the armour layer. As this packing density is lessened, 
the porosity of the armour layer is increased, which is expected to decrease overtopping velocities. 
Furthermore, even though single layer Cubipods have been successfully tested (Gomez-Martin & 
Medina, 2008), it has been suggested that a smaller unit is always cheaper (Theron F. , 2014), even 
for double layer armouring configurations. Thus both single and double layering of armour units 
should be tested. 
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6.1.3 TESTING PROGRAMME 
Using the geometric design shown in section 5.3, the physical model study will test different armour 
unit configurations, with the objective of determining which of these configurations are most 
feasible. The aim of the study is to find the optimal armouring configuration based on packing 
density and armour unit size and mass. Starting with the recommended values of packing density, 
each subsequent test will implement a lower packing density by using less units across the flume. 
This is done for both single- and double layer armouring with Cubipod units. 

6.2 TESTING FACILITY 
The physical model study was performed in the glass wave flume at the Coastal and Hydraulics 
Laboratory of the Centre for Scientific and Industrial Research (CSIR) in Stellenbosch, South Africa. 
This wave flume is equipped with a state-of-the-art wavemaker developed by HR Wallingford, who 
custom built it for this flume. It is a rack-and-pinion, piston-type wave paddle with an integrated 
Dynamic Wave Absorption System. This system enables testing of high reflection structures by 
compensating for waves reflected back off the tested structure. 

6.3 MODEL SETUP 

6.3.1 TEST PROCEDURE 
Seven test series (TS) were performed, each with specific armour layer configuration. A test series 
constitutes a sequence of five wave conditions (or wave runs) applied to the model. The first four 
wave runs were compiled based on the 1, 25, 50 and 100 year return period wave conditions as 
described in section 4.5. Additionally, an extrapolated wave condition was chosen for wave run 5. 
These wave conditions are presented in Table 6.1. 

Table 6.1 - Sequence of wave conditions applied to each test series 

Wave Run 1 2 3 4 5 

      Significant wave height [m] 4.60 7.60 8.70 10.10 11.10 
Peak wave period [s] 11.80 13.60 14.00 15.00 18.00 

      For every test, a procedure was followed to ensure all required data was captured and all required 
variables were kept constant. The following list describes the main aspects of this procedure: 

i. The water level was checked to be at design level. If not, the flume was slowly drained or 
filled. 

ii. “Rezero” probes to reset their calibration values to the zero water level. 
iii. Photographs were taken by all cameras, including a flash of the test banner. 
iv. Wave probes were set to measure for 2 JONSWAP cycles of waves before waves were 

started. 
v. 30 seconds from activating the wavemaker, the wave probes were triggered to start 

measuring. 
vi. During testing, some videos were taken for later analyses. 
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vii. During the necessary tests, the overtopping bin was monitored and drained (back into 
flume). 

viii. When two JONSWAP cycles were completed, the wavemaker was stopped. 
ix. When the water level had stilled, photographs were again taken by all cameras for 

comparison. 
x. A quick check was done to see whether the desired significant wave height was achieved. 

6.3.2 MODEL SCALE 
In addition to breakwater models being undistorted in length scale, Hughes (1993) recommends flow 
hydrodynamics to conform to the Froude criteria, which states that inertial forces must be scaled 
relative to the gravity forces. Therefore, scaling of geometric, kinematic, and dynamic parameters 
were done according to the ratios of Froude similarity. 

It was concluded that the mass of the armour units was the determining factor of the length scale of 
the physical model. This is explained in greater detail in section 6.4 which discusses the limitations 
encountered during physical modelling. Other considerations for choice of scale included the 
capabilities of the wavemaker, the physical dimensions of the wave flume, and the length of the 
wave probes. Two length scales were chosen for this study – 63 and 55 – to model two different 
armour unit masses. A structural density scale was also applied in this study, because of the inherent 
difference between the concrete used in prototype (2400 kg/m³) and the density of model units 
(2330 kg/m³). Likewise, the density of fresh water used in the model and the density of salt water in 
the prototype condition were considered during scaling. Consequently, the following scale ratios 
resulted: 

Table 6.2 - Scale ratios of two different length scales 

Length scale 63 55 
Time scale 7.94 7.42 
Mass scale        257 559         171 373  

   6.3.3 MODEL CONSTRUCTION 
Seven test series were done consecutively. The aforementioned change in length scale split the 
testing sequence between test series 3 and 4. Although two different aspects of wave overtopping 
were measured for test series 1 to 3 and 4 to 7 (as shown in Table 6.3), consistency was paramount 
during the testing sequence. Great effort was taken to ensure most variables were constant 
throughout consecutive testing. The primary variation between test series was the armour layer 
configuration, i.e. packing density and unit size. For the first three test series, the recommended 
packing density was used and is referred to as “tight” in Table 6.3. Subsequent packing densities 
were decreased and are therefore referred to as “medium” and “light”. The packing density analysis 
reveals the exact values of these denominations in subsection 6.5.1.  
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Table 6.3 - Summary of front armour layer configurations for test series 1 to 7  

Model Test 
Series Layers Unit Packing 

density 
Functionality 
measured by 

      

RM
B 

1 TS1 2 60t Cubipod on 60t Antifer Tight Overtopping volume 
TS2 2 60t Cubipods Tight Overtopping volume 
TS3 1 60t Cubipods Tight Overtopping volume 

RM
B 

2 

TS4 2 40t Cubipods Medium Transmitted wave 
TS5 1 40t Cubipods Medium Transmitted wave 
TS6 2 40t Cubipods Light Transmitted wave 
TS7 1 40t Cubipods Light Transmitted wave 

      For test series 1 to 3, half a breakwater (presented in Figure 6.3) was constructed in the wave flume 
according to the design cross-section of RMB 1. A rock grading was performed on the material of 
each layer, whereby 100 samples were taken randomly from the pile and weighed. The half-
breakwater was built up against a wall of concrete tiles. These concrete tiles provided a base for the 
overtopping bin (discussed in subsection 6.3.4 on overtopping measurement), while still allowing 
water to drain through. This latter feature was paramount to ensuring reflections are not intensified 
by the support structure. 

When, during testing of especially large wave conditions, the overtopping bin would become full, a 
siphon system was implemented to drain it. The captured overtopping was immediately poured back 
into the flume to prevent water level decrease during testing. 

For test series 4 to 7, a new breakwater was constructed according to a new length scale (55). This 
time the entire breakwater (presented in Figure 6.1) was constructed according to the design cross-
section of RMB 2. This was done to ensure accurate representation of the permeability of such a 
rubble-mound breakwater. A wooden bracket was built to simulate the crown wall. It was placed 
over 2 concrete tiles. For this test sequence, instead of measuring overtopping volumes, two other 
indicators were measured to assess the effect of the overtopped waves: the transmitted wave 
behind the breakwater as well as the damage to the rear armour slope. 
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Figure 6.2 - Packing of armour layer for test series 6 

Figure 6.1 - Cross-sectional view of typical breakwater (RMB 2)  in test series 4 to 7 

Figure 6.3 - Breakwater model (RMB 1) for test series 1 to 3 with overtopping 
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Table 6.4 - Summary of rear slope armour layer configurations for test series 4 to 7 

Test 
Series Layers Unit 

Size 
Unit 
Type 

    TS4 1 40t Antifer 
TS5 1 40t Antifer 
TS6 2 17.5t Antifer 
TS7 2 17.5t Antifer 

    
Between each test series (1 to 7), only the armour layer was removed and rebuilt (presented in 
Figure 6.2). Where necessary, the underlayer and filter layer were repaired back to design levels. To 
once again ensure consistency of packing arrangements, packing and most construction was done by 
one person – an experienced CSIR technician, who has extensive experience in building model 
breakwaters and packing various armour units according to design specifications. For each test series 
he was given a grid spacing, which determined the packing density, and he was asked to place units 
randomly (not all facing same way). 

Prior to each test series, several photographs were taken of both the front- and rear slope for later 
comparison with the same photographs taken after the test series. This would form the basis of 
armour layer damage assessment. 

6.3.4 DATA ACQUISITION 
The required output, as described in the scope of this physical model study (subsection 6.1.1), 
includes some form of validation of wave conditions (i.e. wave measurements), visual observation 
for damage assessment, and overtopping measurement – its volume or the effect thereof in the 
form of a transmitted wave. All analysis was done by computers as shown in Figure 6.4. 

A) WAVE MEASUREMENT 

Figure 6.4 - Control room for glass flume at CSIR hydraulics laboratory 
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Wave heights were captured by various capacitance-type wave probes. These were custom built 
by the CSIR and they are much less influenced by variations in water temperature than 
resistance-type probes. They are operated in tandem with the GEDAP (Generalized Experiment 
control and Data Acquisition Package) software system. This software has been specifically 
designed for data acquisition functions, random wave analysis, and real-time experiment control 
(Miles & Funke, 2013). The software provided the time series of wave height measurements as 
well as the calculated wave spectrum with significant wave height, maximum wave height, peak 
and mean wave periods in prototype values. 

Probes were positioned in sets of 3 according to the minimum amount required by the reflection 
analysis software. Two sets of 3 probes were used as shown in Figure 6.5 – a group close to the 
wavemaker to measure “deep water” waves and a group close to the model to measure 
“shallow water” waves. 

Probe spacings were calculated according to specifications relating to minimum and maximum 
wave periods (model scale). These were transformed to wave lengths which supplied the 
minimum and maximum distances between probes. The chosen probe spacing as shown in Table 
6.5 was such that it could be applied to both length scales used during testing.  

Table 6.5 - Distances between sets of three wave probes 

x12 x23 x13 
39.0 cm 58.0cm 97.0 cm 

   
B) ARMOUR UNIT MOVEMENT 
Movements of armour units were determined by photographic observations of the breakwater 
slopes. Three cameras were positioned (as shown in Figure 6.6) to capture the front slope, rear 
slope, and side view of the model. These were used to capture photographs before and after 
tests, but also to take videos. The “before” and “after” photographs were analysed 
comparatively to quantify the differences in armour unit positions. Armour Track software was 
incorporated into this process to quantify damage from photographic observation. Other 
parameters such as packing density could also be determined from these photographs. 

Figure 6.5 - Long section glass wave flume at CSIR showing probe set positions 
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C) OVERTOPPING MEASUREMENT 
Test series 1 to 3 investigated the overtopping volumes of different incident wave heights. All 
water crossing the front crest of the crown wall of the breakwater (see examples presented in 
Figure 6.7 and Figure 6.10), was considered overtopping and therefore had to be quantified. An 

Figure 6.6 - Components of data acquisition for wave flume test 

Figure 6.7 - Wave overtopping during test series 7 
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overtopping bin was installed at the rear of the breakwater to capture the overtopped water. A 
wave probe was placed in this bin to measure the water level before and after a test. For small 
quantities of overtopping (during calm wave conditions), which were mostly due to splashing, 
this water level remained constant. The slope which captured the splashing (intended to drain 
overtopped waves to the bin) was then dried by hand with paper towel. The dry and wet paper 
towel was then weighed to calculate the water volume. 

In the case of measuring the transmitted wave due to overtopping, a single wave probe was 
positioned in the flume at the rear of the breakwater. The same wave probe software was then 
used to analyse this probe and to capture its maximum wave height. A last singular probe was 
placed on top of the breakwater to count the number of overtopped waves. This data could 
easily be analysed by counting the number of spikes on a simple wave measurement plot. 

6.4 ACCURACY AND LIMITATIONS 

6.4.1 CONSTRAINTS EXPERIENCED DURING MODELLING 
A limiting factor which constrained the possible armour layer configurations during testing, was the 
availability of correct armour unit sizes. The Cubipod unit was only available in one size – an 
approximately 230g unit. When the design required a smaller (or “lighter”) unit, the length scale of 
the model had to be adjusted. This broke the chain of consistency in the test schedule, necessitating 
an overall recalibration of waves. 

The availability of other units was also a constraint to this physical model study, as insufficient 
quantities were available for this size of model. Antifer cubes with a corresponding mass to that of 
the Cubipod was one such an example. No standard cube with an appropriate mass was available for 
testing either. The lack of these two units prevented the study from including comparative 
performance tests between Cubipod and cubic units. 

6.4.2 METHODS OF MAXIMISING ACCURACY 
Daily calibration of wave probes ensured each test series was performed with updated calibration 
values. This accounted for slight deviations in water level due to overnight water evaporation in the 
flume. The wavemaker was well calibrated when no structure was in place before the study 
commenced. Each run was tested for accuracy by comparing input wave height, to incident wave 
height (measured by the wave probes). This resulted in an average input gain of 1.26 for the 
wavemaker. 

Several tests were repeated to investigate the uncertainty or accuracy of the model. These test 
results were well correlated, as very similar results were produced. 
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6.5 RESULTS 

6.5.1 PACKING DENSITY ANALYSIS 
Photographic observation and analysis of each test series were undertaken to determine the packing 
density achieved during construction of the armour layer. Packing density was calculated by using 
equations stated in subsection 2.6.1 under the armour stability discussion. This involved counting 
the number of units present in a specified area and using the nominal diameter of the units. The 
surface area was calculated by the product of the width of the flume, and by the summarised length 
of the slope and armour width. As packing density was not critical to the rear slope, only the front 
slope packing density analysis is presented in Table 6.6. 

Table 6.6 - Results of packing density analysis 

Test series   TS1 TS2 TS3 TS4 TS5 TS6 TS7 

                  Number of layers n 2 2 1 2 1 2 1 
                  
Surface area [m²] A 0.7732 0.7732 0.7732 0.9956 0.9956 0.9956 0.9956 
                  
Number of units: Layer 1  247 211 211 241 241 228 228 
Number of units: Layer 2  228 210   241   232   
Total number of units Na 475 421 211 482 241 460 228 

                  Placing density [units/m²] φ   614.30    544.46    272.88    484.11    242.06    462.02    229.00  
                  
Nominal diameter [m] Dn   0.0462    0.0462    0.0462    0.0462    0.0462    0.0462    0.0462  
                  
Density qualification   Dense Dense Medium Light 
Packing density Ф        1.31         1.16         0.58         1.03         0.52         0.99         0.49  
                  

         The amount of units across the flume width was lessened (by one) after every second test (except 
after TS1) to attain a reduction in packing density, allowing more water within the armour layer (see 
example presented in Figure 6.8). 

  

Figure 6.8 - Wave run-up and splash during test series 7 
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Figure 6.10 - Wave overtopping shown from rear slope in test series 7 

6.5.2 OVERTOPPING 
Overtopping was measured for the first three test series. This overtopping was measured by means 
described in subsection 6.3.4 of this chapter. Overtopping was measured for every test run, not just 
per test series, allowing an overtopping discharge to be associated with its corresponding wave 
condition. By plotting the dimensionless discharge against dimensionless freeboard – according to 
the Pederson (1996) equation, the overtopping test results are presented as shown in Figure 6.9.  

The wave overtopping results show the Pederson (1996) equation to overestimate overtopping 
discharges when compared to model test results. 
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Figure 6.9 - Wave overtopping data for test series 1 to 3 plotted against the equation of Pederson (1996) 
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6.5.3 WAVE TRANSMISSION 
Wave transmission was measured for test series 4 to 7 by measuring the wave height behind the 
structure (presented in Figure 6.12) in the flume. Only the maximum wave heights could be 
extracted. These maximum wave heights were converted to significant wave heights by ratios given 
in the Rock Manual (CIRIA, CUR, CETMEF, 2007). From this table, the most conservative values were 
used. The calculated significant transmitted wave height (퐻 ) was then used to calculate a 
transmission coefficient. 

The results of transmission data show a very similar form than data by Allsop in the same diagram, 
presented in the CEM (Hughes & Burcharth, 2006), which gives confidence in the model’s ability. 
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Figure 6.11 - Wave transmission data plotted against dimensionless freeboard 

Figure 6.12 - Transmitted wave during test series 7 shown to the left of the model 
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6.5.4 DAMAGE 
Damage was measured for each of the seven test series by method of visual observation (described 
by an example in Appendix A), which compared the state of the armour layer before the test series, 
with the state of the amour layer after all 5 wave conditions were applied. In general the armour 
layer proved very successful, and no failure or even start of failure occurred. Only once (in test series 
6, after the fourth wave run) did one single unit dislodge from the outer layer, but no subsequent 
wave runs had any further damaging effect. Thus, only rocking of armour units were observed. 
During damage assessment, ArmourTrack software was used to count the number of rocking units, 
objectively distinguishing between rocking and settling units. Relative damage was then calculated 
based on the ratio of units rocking to the total number of units in the armour layer. 

The results show an increase in relative damage (for rocking units) as the packing density is lessened 
and a clear higher relative damage for single layer armouring (test series 3, 5, and 7) when compared 
to double layer armouring (test series 1, 2, 4, and 6). 

TS1 TS2 TS3 TS4 TS5 TS6 TS7
Ф 1.31 1.16 0.58 1.03 0.52 0.99 0.49
Nor 7 3 6 22 20 36 49
Dr 1.47 0.71 2.84 4.56 8.30 7.83 21.49
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Figure 6.13 - Relative damage by rocking units to front slope of test series 1 to 7 
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TS4 TS5 TS6 TS7
Nor 15 5 17 15
Dr 4.49 2.99 2.99 5.36
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Figure 6.14 - Relative damage by rocking units to rear slope of test 
series 4 to 7 

Note that the relative damage value of the rear slope for test series 7 was measured after wave run 
4 and not 5, like the other test series. During wave run 5 of test series 7, the rear slope failed 
completely due to overtopping waves, as shown in the before and after photos in Figure 6.15. 

  

Figure 6.15 - Photos of rear slope before and after wave run 5 of test series 7 
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6.5.5 SUMMARY 
Test series 1 to 3 showed that overtopping was lower than predicted by the equation of Pederson 
and that 60 ton Cubipod armour units were too heavy for the conditions tested. A decrease in 
packing density correlated to an increase in relative damage. Despite more rocking units, the 40t 
Cubipods were still hydraulically stable and only once did a unit dislodge from the armour layer 
completely (presented in Figure 6.17).  

From observation, it was learnt that an impermeable barrier behind the armour layer, such as 
presented by the superstructure and parapet wall, is essential to prevent the largest waves from 
transmitting through the upper slope. The largest of these waves have long periods and therefore 
are not broken by the slope or have their energy dissipated by the porosity of the armour layer (as 
presented in Figure 6.16). Of course, the less frequent wave, which is higher than the highest point 
of the structure, inevitably resulted in overtopping as expected (presented in Figure 6.18). 

Figure 6.18 - Overtopping onto rear slope during test 

Figure 6.16 - Long wave overtopping the crest during 
test series 7 

Figure 6.17 - Underwater photo showing space where 
unit was displaced from during test series 6 
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Chapter 7: CONCLUSIONS & RECOMMENDATIONS 

The sheer size of deep water breakwaters translates to considerable costs from design to 
construction when planning a new harbour. Due to their protective nature however, their 
function is essential and expenditure can easily be blown out of proportion by overdesigning 
the structure. For the proposed new port in Durban, the situation is no different. A breakwater 
is required in depths of up to 30m near the roundhead outside the surf zone. The extreme 
wave events require a substantial structure to either break the waves or dissipate wave energy 
somehow.  

7.1 CONCLUSIONS 
This study investigated the essence of deep water breakwaters and analysed past failures to apply 
the lessons learnt to the case of the Durban Dig-Out Port. The objective was to propose a feasible 
design concept in the form of a deep water cross-section of the breakwater, having undertaken a full 
numerical study of wave conditions, a deterministic design, and a comprehensive physical model 
study to confirm the success thereof. The physical model study was implemented to experiment 
with different armour configurations. Starting with the recommended packing density, each 
configuration would lessen the density and test the hydraulic stability of the armour layer and the 
operational performance of the breakwater under wave loading. 

The findings of this study are presented by category in the following sections. 

7.1.1 CHOICE OF RUBBLE-MOUND BREAKWATER 
Following many discussions and study of literature on the subject, it was found that the choice of 
breakwater type is not a simple one and there is no clear method of determining which is better, 
even for a specific condition. During a typical design process of a major breakwater project, several 
breakwater concepts, including different types, would be developed in parallel up to detail design 
before a final choice is made. For this study, a rubble-mound breakwater was chosen, based on its 
potential feasibility due to the proximity of sufficient, appropriate material. 

7.1.2 NUMERICAL MODELLING APPROACH 
A numerical model was implemented to simulate wave transmission from offshore to the proposed 
breakwater site. This was done to derive a nearshore wave climate for certain return periods, which 
represents extreme wave conditions that the structure would face in its design life. The numerical 
modelling approach proved ineffective for estimating the larger extreme wave conditions. It is 
estimated that the extreme offshore conditions are not the direct cause of the extreme nearshore 
conditions. Factors such as wind and wave direction need to be analysed more intently to ascertain 
the extreme wave conditions nearshore. The alternative approach to implementing a numerical 
model (as described in section 4.5) resulted in a more representative nearshore wave climate. 
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Figure 7.1 - Final cross-sectional concept design 

훷 = 0.49 

7.1.3 ARMOUR LAYER STABILITY 
The hypothesis that a lighter than recommended packing density would still be hydraulically stable 
and have no significant effect on operational performance was confirmed. Although rocking was 
observed, a single layer of 40 ton Cubipods was stable under significant wave heights of up to 11.35 
meters with a peak period of 18.5 seconds, which is marginally larger than the one in 100 year 
return period condition. Nevertheless, the rear slope failed due to the overtopping waves of these 
conditions using single-layer 17.5t Antifer cubes. A larger unit should be considered for the rear 
slope.  

Results showed that the decrease in packing density directly related to an increase in relative 
damage by rocking units, but only initial damage was observed for the front slope of the breakwater 
in all test series. Packing densities of 0.49 and 0.99, for single- and double-layer respectively, proved 
to be hydraulically stable. 

Higher relative damage for single layer configurations could be due to the nature of the relative 
damage calculation – no rocking units are identified for the bottom layer, yet the units in this layer 
are included in the calculation. On the other hand, this makes comparison to double layer possible 
and illustrates the risk of single layer more clearly. 

7.1.4 OPERATIONAL PERFORMANCE 
Overtopping rates measured in the physical model were found to be lower than those predicted by 
the formula of Pederson (1996). Nevertheless, a higher crest level was designed for RMB 2 of the 
physical model study to further limit overtopping during waves higher than the design wave (see 
example presented in Figure 7.2). 

Adversely increasing porosity of the armour layer by decreasing the packing density had little effect 
on the operational performance. Specifically, the transmitted wave heights were consistent between 
comparative wave runs for the different test series up to a significant wave height of approximately 
the design wave (10.5m). Wave heights larger than the design wave showed less correlation for 
wave transmission. 
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7.2 PROPOSED CROSS-SECTION 
A final cross-section is presented as concept design for the deep section of the proposed DDOP 
breakwater (see Figure 7.1). Based on the findings of this study, the following armour configuration 
is proposed: single layer of 40 ton Cubipods with a packing density of 0.49 on the front slope and 
single layer 40 ton cubes on the rear slope. The material for the core mound and underlying rock 
layers are graded as specified in Figure 7.1.  

7.3 RECOMMENDATIONS 

7.3.1 GENERAL 
Although the proposed concept design of this study sets approximate core material sizing and 
grading, the final design will be governed by what is available in nearby quarry yields. Functional 
specifications are given but construction will be supply-based. The yields of dedicated or other 
quarries should be investigated prior to a final design conclusion. 

Optimisation across the entire breakwater might suggest 10 different variations of armour units. In 
terms of logistics of fabrication and equipment, this is never operationally viable and these 
variations should be limited to a minimum. During a full design of the complete breakwater, 
shallower sections are expected to require smaller armour units. To limit the variations of required 
armour units across the entire breakwater, the smaller units used on the shallower sections could be 
implemented on the rear slope of the deeper sections. 

7.3.2 FURTHER WORK 
As physical model tests in this study were conducted within a two-dimensional framework, large 
breakwaters should be tested further in three-dimensions to study the behaviour of singular points. 
Overtopping effects on the rear slope and roundhead stability, for instance, may well be affected by 
factors only included in a three-dimensional model and could be critical to the overall design of the 
breakwater. Moreover, to confirm the use of 40 ton Cubipods, a more rigorous test program is 
recommended if this unit size is to be adopted for prototype design. 

Due to the nature of overtopping observed during model testing, a recurve wall structure instead of 
the standard parapet wall, might reduce overtopping of the breakwater in high wave conditions. It is 
therefore recommended that this alternative be investigated as a feasible alternative for 
overtopping prevention. It would however only improve overtopping in very high wave conditions, 
which have long return periods, thus a balance between cost and effect must be determined. A 
detail design of the crown wall, including various alternatives for its seaward wall, could prove 
advantageous to the feasibility of the breakwater project. 
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Figure 7.2 - Large wave in flume during test series 7 
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Appendix A – Data processing of physical model results 

AmourTrack software was implemented to count the number of rocking units. The software does 
this by flashing before- and after photos of the armour layer. Once the photos are accurately 
aligned, movement of units can easily be identified by observation. It was then subjectively 
determined whether movement constitutes rocking or only settling for each armour unit. If 
movement of a unit is characterised as rocking, the unit is marked using the ArmourTrack software 
as shown in Figure (a). 

Figure (a) – Screen grab showing example of ArmourTrack software being used to count number of rocking 
units in an armour layer 

This process determines the number of rocking units per test series, which is subsequently used to 
calculate the relative damage by comparing it to the total number of units in the armour layer, as 
discussed in literature in subsection 2.6.1.  
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